Western University

Scholarship@Western
Electronic Thesis and Dissertation Repository
5-11-2016 12:00 AM

Evaluation of fatigue response of a carbonate clay till beneath
wind turbine foundation
Jordan A. Kiss, The University of Western Ontario
Supervisor: Dr. Timothy A. Newson, The University of Western Ontario
A thesis submitted in partial fulfillment of the requirements for the Master of Engineering
Science degree in Civil and Environmental Engineering
© Jordan A. Kiss 2016

Follow this and additional works at: https://ir.lib.uwo.ca/etd
Part of the Geotechnical Engineering Commons

Recommended Citation
Kiss, Jordan A., "Evaluation of fatigue response of a carbonate clay till beneath wind turbine foundation"
(2016). Electronic Thesis and Dissertation Repository. 3806.
https://ir.lib.uwo.ca/etd/3806

This Dissertation/Thesis is brought to you for free and open access by Scholarship@Western. It has been accepted
for inclusion in Electronic Thesis and Dissertation Repository by an authorized administrator of
Scholarship@Western. For more information, please contact wlswadmin@uwo.ca.

Abstract
This thesis describes full-scale field monitoring and analysis of an onshore shallow wind turbine
foundation and an associated laboratory testing program. The aim of the study was to investigate
the soil-structure interaction under coupled cyclic vertical-horizontal-moment loading. This
involved simulating the soil element behavior in controlled laboratory tests, evaluating the
accumulated cyclic soil damage and correlating this with the observed wind and turbine
responses. The results form an important part of the ‘wind-chain’, providing information for
optimizing the performance of wind turbines, extending their operational lifespans and
potentially for development of structural health monitoring systems. The field monitoring
systems for the foundation, tower and wind fields are described, and the responses for high/low
probability wind events are discussed. The identified spectral peaks from the field measurements
corresponded with the literature. The measured foundation response was compared to numerical
elastic models and a finite element model of the turbine foundation of study with some success.
The laboratory testing program is described and the implications for assessing the soil strength
and stiffness degradation due to the associated small loading cycles during the operation of the
wind turbine are quantified and examined. A threshold strain value of cyclic degradation is
identified and the degradation parameter for a compilation of strain levels for different stress
states is developed. An example degradation calculation from the field measurements for a time
history is carried out with some success. The resulting shear modulus degradation is below that
of the current design guidelines, however, given the assumptions made this suggests that the
design guideline provides a conservative estimate.

Keywords: Shallow Foundation, Full-Scale Monitoring, Soil Fatigue, Cyclic Degradation,
Cyclic Triaxial Testing, Wind Turbine, Clay
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Chapter 1: Introduction
1.1 Introduction
Wind is a major source of renewable energy and is projected to capture 15% of the energy
generation capacity for Ontario by 2025 (Ontario’s Long-Term Energy Plan, 2013). However, to
achieve this expansion some major technical and policy issues must be addressed by the
Canadian wind sector. Some of these issues are associated with the construction and design of
foundations for wind turbines. Foundations for onshore wind turbines usually consist of large
gravity bases and mono-piles. The geometry and foundation type depends on the wind climate,
power regulation philosophy, physical characteristics of the machine, uplift criteria, required
foundation stiffness and geotechnical characteristics of the site. The critical analyses for design
include bearing capacity and overturning resistance, horizontal/rotational displacements, and
dynamic soil-structure interaction.
Turbines are subjected to millions of load cycles from the wind during their design lives.
Some potential performance issues are also related to fatigue experienced in various components
from this long-term cyclic loading regime. Unfortunately, there is a paucity of appropriate field
and laboratory scale datasets, suitable for calibration and validation of current state-of-the-art
analytical and numerical design approaches. A multi-disciplinary research project is underway to
integrate laboratory element testing, scaled physical laboratory testing, full scale field monitoring
and numerical modeling of a wind turbine founded on a shallow foundation in carbonate-rich
silty clay till in Southern Ontario. Davenport (1961) famously defined the ‘wind loading chain’
as the combined effects of wind climate, wind exposure, structure aerodynamics and dynamic
effects, which cumulatively describe the wind loading on a structure. A significant component of
1

this project is to provide understanding of components of the full ‘wind loading chain’ from the
incoming wind field, to the underlying soil and its effects on the performance of the wind
turbine.
Currently there is little guidance on the design of wind turbine foundations for Canadian
regions; Canadian Standards often lead designers to international guides and codes for guidance,
(CSA, 2008). These approaches, while valid, leave the possibility for foundations to be
inadequately or inappropriately designed, without local or regional climate, meteorological,
seismic or geological conditions being accounted for in their development. In particular there
appears to be a lack of long-term quality assurance of these foundation structures and the
behavior of the soil beneath them. The degradation of stiffness of the supporting soil may cause
excess movement of the wind turbine supporting structure, leading to lowered performance or
potential damage. Current assessments of cyclic degradation (e.g. DNV, 2002) are quite crude
and need verification for Canadian soils (and clayey tills in particular) and conditions such as
climate, meteorology and seismic activity. Investigating degradation effects and generating
methods to measure and quantify degradation over time will aid in the validation and calibration
of state of the art design approaches. This in turn will lead to more robust and economical
designs, potentially extending the life-cycles and investments made by wind turbine owners and
operators. It will also aid re-certification of wind turbines once they have reached their design
lives, if operators wish to extend their working lives by reusing the foundations for 2nd
generation turbines.

This thesis concentrates on the effects of the coupled cyclic vertical-horizontal-moment
loading on the underlying soil for operational and extreme conditions. By using full-scale

2

monitoring of the commercial wind turbine, a valuable and unique database of foundation
response was compiled. A method of quantifying the fatigue effects based on strain levels was
developed using laboratory cyclic triaxial tests. Predictions of fatigue accumulation and future
foundation response throughout the lifecycle of the wind turbine were made using typical
meteorological conditions from the site. Design guidelines are suggested for improving
foundation performance and a potential framework for an integrated Structural Health
Monitoring System is discussed.

1.2 Objectives
The specific objectives of the work in this thesis are outlined below.
•

To provide a baseline dataset of foundation response for the long-term understanding of
the performance of the foundation over its life-cycle.

•

To better understand the cyclic soil-structure interaction and the associated stresses and
strains in the soil below the foundation under these conditions;

•

To create an inventory of the turbine foundation movements under operational conditions
and high-low probability wind events;

•

To investigate the soil strength and stiffness degradation due to the associated cyclic
loading;

•

To quantify the general damage accumulation due to small load cycles during normal
operation;

•

To determine the consequences for the performance of the wind turbine during extreme
loading conditions;
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•

To help develop a specific information framework for the foundation component of a
wind turbine structural health monitoring system.

1.3 Method
To achieve the above objectives, the following milestones were achieved.
•

A custom configured data acquisition system with an array of uniaxial tilt sensors were
installed on the foundation to measure cyclic displacements;

•

Wind speed measurements were recorded using anemometers mounted at different
heights on a nearby meteorological (MET) tower;

•

The dataset and sample inventory of a detailed site investigation that was conducted and
reported by Tyldesley and Newson (2016) was accessed for use in laboratory tests and
parameter comparisons;

•

A sophisticated laboratory testing program was created utilizing stress and strain
controlled cyclic triaxial tests and monotonic triaxial tests with bender elements;

•

The testing program incorporated varying frequencies of loading, strain levels, and stress
levels, as well as simulated storm events;

•

Tests were performed across a range of over consolidation ratios, and controlled using
the SHANSEP method;

•

The measured cyclic displacements were compared with measured wind data and
analyzed using rainflow counting techniques;

•

Measured field data was linked to conclusions from laboratory testing and compared with
theoretical design approaches, to estimate the degradation of stiffness caused by varying
operational conditions.
4
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1.5 Thesis Content
Chapter 1 provides an introduction to the thesis, as well as a summary of the objectives and
method of the study explored herein.
Chapter 2 is a literature survey that describes existing research related to similar soil types,
foundation design practises in Canada, full scale monitoring of wind turbines and the effects of
cyclic loading on soil strength parameters.
Chapter 3 describes the research methodology for the study and the background information for
the study site, as well as a summary of previous site investigations undertaken. The validation
procedure and experimental set up for the field equipment is discussed. The details of the
laboratory testing program are provided and in depth procedures for sample preparation and the
completed laboratory tests are presented.
Chapter 4 presents the inventory and analysis of the full scale field data. The tower response to
wind loading is studied and meteorological patterns are investigated. The foundation response as
measured by the installed equipment is analyzed using rainflow counting and spectral
techniques.
The results of the described laboratory stress and strain tests are discussed in Chapter 5. The
effects of stress, strain levels and frequency on the degradation of representative soil from
beneath the wind turbine for different stress states are explored. A means to quantify
accumulated fatigue effects is generated.
In Chapter 6 predictions involving accumulated fatigue are made using the datasets described in
Chapter 4 and the trends evaluated in Chapter 5. Different scenarios throughout the lifespan of
6

the wind turbine are hypothesised and the corresponding fatigue effects are investigated. The
influence that these predictions could have on wind turbine foundation design is discussed and
guidelines are suggested.
Chapter 7 provides a summary of the findings of the study as well as a discussion on possibilities
for future work.
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Chapter 2 : Literature Review
This chapter provides the background and literature review for this thesis. A general overview of
till soils is provided with an emphasis on Ontario glacial tills. The current standards and design
practises for wind turbine foundation design are shown and discussed. In addition, numerical
methods for the calculation of foundation responses for embedded shallow foundation system
subjected to coupled vertical-horizontal and moment loading are described. A brief overview of
the wind environment and loading conditions on a wind turbine is presented. The phenomenon of
cyclic degradation of soil stiffness is outlined and the application to fatigue theory is
investigated. The SHANSEP approach for material testing is defined and small strain stiffness
measurement is discussed. Structural health monitoring systems are summarized and the current
installed systems on the turbine of study and their results are presented.

2.1 Overview of Till Soils
Glacial till is the term commonly used to refer to the soils deposited by glacial action. Clayey
glacial tills are a subset of glacial tills, whose clay content is high enough to significantly affect
the soil’s behaviour and parameters. Glacial tills represent some of the most variable sedimentary
deposits (Bell, 2002). Their properties and behaviour are an artefact of their composition, how
far they were transported, and how they were deposited. The earth has experienced many ice
ages that have influenced its geology. The most recent is the Pleistocene Epoch of the
Quaternary Period, during which glaciers advanced and retreated several times. Throughout the
Pleistocene Epoch more than 30% of the Earth was covered by glaciers; these glaciers left their
mark on much of North America, Europe and Asia (Stephenson et al, 1988). As a result, clayey
glacial till is a broad topic of discussion.
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During the Pleistocene Epoch, glacial action eroded, transported and deposited sediments
across the Northern Hemisphere of the globe. North America alone is host to over 13 million
square kilometers of glacial deposits (Stephenson, Fleming, & Mickelson, 1988). The last glacial
advance over North America is known as the Wisconsin glaciation. During this time the
continental Laurentian ice sheet covered all of Canada and portions of the Northern United
States. The Laurentian ice sheet is responsible for laying down the glacial till at the study site.
The thickness of these ice sheets has an important influence on the stress history of the deposits;
the thicker the sheet, the more overburden stress that was placed on the deposits.
Glacial deposits can be separated into different categories: Glaciolacustrine deposits,
glaciofluvial deposits, glaciomarine and diamicton. Diamicton is commonly known as glacial till
and is a general term used to describe poorly sorted sediments deposited by glacial ice.
Glaciolacustrine deposits refer to well-sorted lake deposits and glaciofluvial deposits are
deposited by the means of flowing water associated with the movement and melting of glacial
ice. Glaciomarine deposits are the result of the sediments deposited in a basin at the interface of a
glacier and marine environment (Trenter, 1999). Glaciofluvial deposits are typically composed
of sand, gravel and cobbles and they can be deposited in three settings: subglacially, marginally
and proglacially (Trenter, 1999). The focus in this chapter however is glacial till. Glacial till can
be further classified into either basal till or ablation till (Allred, 2000). What differentiates these
tills is the environment in which they were deposited. Basal till is deposited in the subglacial
environment or base of the glacier as the glacier advanced or retreated. Ablation tills are deposits
from the supraglacial environment and were deposited as the glacier melted. As a result basal
tills are generally over-consolidated due to the immense load of the glacier above them, although
this is not always the case. Since ablation tills are deposited in an environment with considerably
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less overburden stress, they are typically normally consolidated to lightly over-consolidated,
however, in some cases during the drying process high suction pressures can develop, which
results in ablation tills that are over-consolidated (Allred, 2000). Figure 2.1 illustrates the
different glacial deposits in the Great Lakes Basin; the approximate location of the wind turbine
site is shown, indicating that the deposits are likely to be of silt and clay, which explains the high
clay content of the glacial till on site. Till in Southwestern Ontario is typically relatively stone
free in the upper portion of the layer, as a result of sifting and sorting actions caused by ancestral
lakes in the region (Guillet, 1975).

Figure 2.1 Glacial Deposits of the Great Lakes Basin (adapted from United States EPA,
2008), and relation to study site
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There have been a number of studies on low plasticity clay soils in Ontario over the last
50 years. Many of these will have been glaciolacustrine and clayey glacial tills. The majority of
these works focused on general classification and monotonic properties of the materials; and
dynamic characteristics and more contemporary testing of the response to small-strains is
lacking. Some examples of clayey glacial tills found in Ontario are provided in Table 2.1 with
descriptions and basic geotechnical properties. Other prominent studies include: Dreimanis
(1968 and 1976): covering a range of tills in Southern Ontario, Milligan (1976) and Boulton
(1976): investigating geotechnical aspects of a range of glacial tills, Soderman and Quigley
(1965): geotechnical properties of Ottawa, New Liskeard and Fort William Clays, Quigley
(1975): weathering and changes in strength of Sarnia till, Quigley (1980): geology, mineralogy,
and geochemistry of Canadian soft soils, Lo and Milligan (1967): shear strength of stratified
clays in Welland Ontario, Lo, Adams and Seychuk (1969): shear behaviour of fissured clays of
Nanticoke, Ontario.
Table 2.1: Basic geotechnical parameters of some Ontario clays
Name

Location

Description

Clay
Content
(%)

Plastic
Index

Chatham Clayey
Silt
(Kim and Novak,
1981)

South
Central
Chatham

Firm, grey
clayey silt,
trace of fine
sand

33

14

Hamilton Clayey
Silt
(Kim and Novak,
1981)

St.
Catharines

Sarnia Silty Clay
(Kim and Novak,
1981)

Sarnia

Stiff-hard,
Clayey silt
with sand
and trace
amounts of
gravel
Stiff, silty
clay
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Overconsolidation
Ratio
2.1

Undrained
Shear
Strength, S u
(kPa)
40.7

32

12

5.8

126

46

14.2

1.8

47.9

Iona Silty Clay
(Kim and Novak,
1981)
Port Stanley Silty
Clay
(Kim and Novak,
1981)
Lake Erie Glacial
Till
(Amin, 2001)

North
shore, Lake
Erie
North
shore, Lake
Erie

Stiff, silty

63

12.7

6.4

280

Stiff-hard,
silty clay

45

19.5

6.8

55

South
shore, Lake
Erie

Stiff to very
stiff, gray
clayey silt
with trace
amounts of
sand and
gravel

76

6-7.2

N/A

8000
(assumed
50% of
compressive
strength)

2.1.1 Site Material
The site of interest (in the thesis) is located in South-Western Ontario. Tills in Southern Ontario
vary from 1-5 layers, are 3-300 ft thick and the bedrock source is that of the Canadian Shield
(Driemanis, 1968). A map detailing the glacial deposits of South-Western Ontario is shown in
Figure 2.2 with the study site marked. The material on site has been identified as Port Stanley
silty clay till or Tavistock till. Till deposits in the region are typically 17-25 m but can extend to
50 m thick along the Northern shore of Lake Erie (Kelly, 1995). The till deposits have occasional
sand and silt lenses of varying thicknesses and scattered depths. Port Stanley till and Tavistock
till belong to the Port Bruce Stadial unit and are deposits of the Lake Wisconsinan Age (Kelly,
1995). Tavistock till is characterized as a silty to clayey silt till, composed of primarily Illite and
Chlorite clay minerals, leached of carbonates in the upper 1.5 m, and is on average 19 m thick
(Kelly, 1995).
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Figure 2.2: Glacial deposits near study site in South-Western Ontario, Adapted from OGS
Map 2557, (1998)
Port Stanley till is characterized as a clayey silt till, veneered by glaciolastine clay to sand-rich
sediments (Kelly, 1995). Port Stanley till is a younger material than Tavistock till, is composed
of Illite and Chlorite primarily, some Vermiculite, traces of quartz are also typically present; the
till is on average 15 m thick (Kelly, 1995).
A comparison of some geotechnical properties between Port Stanley and Tavistock till are
provided below in Table 2.2.
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2.73

Plasticity
Index

Liquid
Limit

Specific
Gravity

Unit
Weight
20.21

35

19.5

14-22

12-24

Clay
Content

22.50

Particle
Diameter
, d50

Port Stanley Till (Kim and
0.58
Novak (1981)
Tavistock Till (Kelly, 1995)

Moisture
Content

Soil Name

Void
Ratio

Table 2.2 Some geotechnical properties of Port Stanley and Tavistock till

0.0024

45
35.5

There are many clayey glacial tills elsewhere in the world that have been the focus of much
study in the past. Some notable clays, with similar characteristics to that of the study site are
described briefly below.
2.1.2 Well-Characterized Glacial Clay Tills

London Clay (United Kingdom):
London clay is of the Eocene Age. It is a stiff overconsolidated fractured soil with high peak
shear strength. Shear strength values range from 30 kPa to 200 kPa and small strain stiffness
values range from 50 to 130 MPa. Natural moisture contents range from 22% to 33% (Gasparre,
2005).
Holderness Tills (United Kingdom):
Holderness tills are of the Devensian age. They are comprised of 60-80% fines of which are
mainly Illite and Kaolinite. Holderness tills are low plasticity with low sensitivity. Typical
undrained shear strength is in the range of 20 to 100 kPa, with natural moisture contents ranging
from 20% to 25% (Bell, 2002).
Upper and Lower Boulder Clay (Ireland):
Also known as Dublin Boulder Clay, it was deposited during the late Devensian age. Dublin
Boulder Clays are lodgement tills and the product of successive ice sheets. They are comprised
of Illite and Kaolinite as the main clay minerals. The natural moisture content of Dublin Boulder
Clay ranges from 8% to 15%. They are low to intermediate in plasticity and their stiffness ranges
from firm to hard (six times stiffer than London Clay). Typical values of small-strain stiffness
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range from 250 MPa to 1250 MPa. Dublin Boulder Clay has a wide range of shear strengths
from 110 kPa to over 300 kPa (Long & Menkiti, 2007).
Cromer Till (Norfolk, United Kingdom):
Cromer till is of the Anglian and Devensian ages. Cromer till has a clay fraction of less than a
third, which is lower than other British tills. The clay composition is of Illite and Kaolinite.
Cromer till is firm to stiff with low to intermediate plasticity. The natural moisture content of
Cromer till ranges from 17% to 19%. Undrained shear strength of Cromer till ranges from 150 to
over 224 kPa. (Bell, 2002).
New Liskeard (Ontario) Clay:
New Liskeard Clay was deposited during the span of the post-glacial era of Lake Barlow and
Lake Ojibway. It is comprised of primarily illite, however chlorite is also present. At depth,
swelling minerals such as montmorillonite and vermiculite become abundant. New Liskeard
Clay has an average plastic limit of 40% and an average liquid limit of 65%. The undrained shear
strength ranges from 48 to 95 kPa (Soderman & Quigley, 1965).
2.1.3 Influences on the Properties of Glacial Clay Tills
Geotechnical parameters of glacial tills are influenced by the composition of the till. The
composition is dictated by the materials that were transported by the glacier, how they were
incorporated into the glacier, the effects of the transportation mechanism and finally the mode in
which they were deposited (Stephenson, Fleming, & Mickelson, 1988). The strength of till will
be modified by fracturing, shearing, and weathering (Milligan, 1976). Glacial tills are therefore
non-textbook materials, i.e. they do not conform to simple depositional models for clay or sand,
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from which most soil mechanics theories are based. Clayey glacial tills have a clay fraction that
is significant enough to affect the properties of the till.
The behaviour of clays depends on the consolidation stress levels (Graham & Houlsby,
1983); for glacial tills the consolidation stress is high. The over-consolidation of clayey glacial
tills is generally attributed to the thickness of the ice sheet. However, porewater pressures
developed beneath the glacier can result in effective pressures not directly related to the
thickness of the glacier (Bell, 2002). Thus, lodgement or basal tills are not always heavily overconsolidated. Drying and wetting in the proglacial environment can have significant effects on
the stress state of these tills (Bell, 2002).

Most stiff clays (and clayey glacial tills) have

experienced several loading cycles, in this case glacial advances and retreats. This results in a
complex stress history that cannot be simply evaluated with the over-consolidation ratio
(Chandler, 2007). Therefore, the behaviour of clayey glacial tills (as with stiff clays) has been
modified by erosion, over-consolidation, weathering and deposition (Chandler, 2007).
Although clayey till is highly variable we can still draw some general conclusions about
many clayey tills. They are heavily over-consolidated, stiff, with low sensitivity, and are
primarily incompressible (Bell, 2002). However not all clayey tills will follow this pattern. The
stiffness of clayey tills is a result of the small plasticity index and is related to the mineral
composition and the degree of consolidation. Typically over-consolidation is attributed to the
thickness of the ice sheet, and the overburden pressure can be determined from the
preconsolidation pressure. The over-consolidated nature of clayey glacial tills also yields a
relatively low moisture content.

16

Many clayey glacial tills have high shear strengths, such as Dublin Boulder Clay or
London Clay which have shear strengths over 100 kPa. Due to their stiff nature many glacial
clays are essentially incompressible and therefore experience small amounts of settlement under
loading. This however is not always the case. Chicago clays are considered compressible, as they
are not as over-consolidated as other clayey glacial tills, due to the fact that they are a mixture of
basal and ablation tills (Finno & Chung, 1992). New Liskeard clays also pose a problem with
settlement. The deeper layers of New Liskeard clays contain higher fractions of Montmorillonite
and Vermiculite, which are swelling clays. This makes New Liskeard Clays prone to long term
creep and significant secondary consolidation (Soderman & Quigley, 1965).
Details on the dynamic behaviour of clayey glacial tills are limited. Kim and Novak (1981)
presented dynamic properties of some of the Ontario clays shown in Table 2.2. The study
focused on high and low strain amplitude tests to determine shear modulus for both conditions.
The relative reduction in the shear modulus with strain for these clays is presented as the ratio of
G/G max and shown in Figure 2.3. The clays exhibit a similar decrease in shear modulus with
strain and are compared to the Vardenega and Bolton (2011) hyperbolic model for high and low
plasticity. The DNV (2002) guideline shear modulus reduction range curve is also shown for
reference.
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1.2
Hamilton Clay
PI= 12
1

Chatham Clay
PI= 14
Sarnia Clay PI=
14.2

0.6

Hyperbolic
Model PI=10

0.4

Hyperbolic
Model PI= 100

0.2

DNV 2002 , High
Estimate

G/ G0

0.8

0
0.0001

DNV 2002, Low
Estimate
0.001

0.01

0.1

1

10

Shear Strain (%)

Figure 2.3 Reduction of normalized shear modulus with strain for 3 Ontario Clays, Data
adapted from Kim and Novak (1981).

Effect of Clay & Fabric Composition
The percentage of clay composition, or clay fraction, of clayey glacial tills is an
important factor when determining the parameters and behaviours of clayey glacial tills. Since
finer particles dominate the behaviour of tills, as with most soils, and the variation in properties
is greater for fine particles than coarse particles, the larger the clay fraction the more variation in
the clayey till itself. Although clayey glacial tills generally are comprised of clay particles, they
will not exhibit perfectly cohesive behaviour due to the variances in the particle content (Bell,
2002). The clay fraction has an effect on the Atterberg limits, which are used to infer other
parameters of soils. The Atterberg limits depend on the moisture content, grain size distribution,
and the properties of the small grained components, i.e. the clay particles. As an example,
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Cromer till from the Norfolk area has lower plastic and liquid limits than other British clays. The
defining difference being that the Cromer till has a lower clay fraction than the other tills. North
American clayey glacial tills such as Chicago Clay, Winnipeg Clay and others from Ontario,
Alberta, and Saskatchewan have plastic limits varying from 12% to 20% and liquid limits
varying from 19 to 30% (Stephenson, Fleming, & Mickelson, 1988). This is consistent with the
ranges from British Clays (Bell, 2002).
Understanding the fabric and structure of a soil is an important step in understanding the
properties and behaviour it will exhibit. In regards to clayey glacial tills, the fabric is linked to
the geological origin. The size of the particles is influenced by the parent material and the
distances travelled before deposition. The clast of clayey glacial tills is formed by the crushing
effects of frost and ice. Sedimentation over a long time period creates an open structure in glacial
tills. This open structure of clayey glacial tills indicates that inter particle bonds have developed,
as the open structure type has been maintained despite the increasing loads applied during
glaciation. For instance, carbonate tills are generally coarse textured, sandy and gravelly,
however they can include silt, clay and fine sand (Dreimanis, 1968). The clay and silt variation
of carbonate tills are incorporated with lacustrine deposits and likely more intensely abraded by
hard minerals such as quartz (Dreimanis, 1968).
Glacial tills are rarely isotropic. Due to the stress states imposed during glaciation, it is
suspected that the heavily loaded state of glacial tills arises from the shearing during glacial
advance, and not just the stress induced by the weight of the glacier (Long & Menkiti, 2007).
The axis of fabric anisotropy is commonly aligned with the major stress direction; and this can
occur in some cases in the horizontal direction due to shearing, as opposed to the vertical
direction due to the weight of the glacier. However, if the horizontal stresses are less than the
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vertical stress implied on the soil during deposition (glaciation), then a special form of
anisotropy, cross-anisotropy, is present (Sivakumar et al, 2001). Cross-anisotropy can be used to
model the shape of “yield loci” of the soil. This aids in the prediction of yield states. It has also
been suggested by Sivakumar et. al (2001) that the anisotropy that was developed during the
depositing process can be “erased” by subjecting the soil to a stress level that is twice as high as
the stress present at deposition.
Dublin Boulder clay has an anisotropic ratio of 3 to 4 for compression to extension for
undrained shear strength as determined by Long and Menkiti (2007), from undrained triaxial
compression and extension tests. Doran et al. (1998) used cross anisotropy parameters to model
the effective stress in samples of Boulder Clay. Their findings were that assuming crossanisotropic elastic behaviour yielded a good approximation of the measured values of the
effective stress in the samples taken.
Effect of Weathering
Weathering of glacial tills has a significant impact on the fabric and presence of carbonates.
Weathering increases the clay and silt content of the material as a result of chemical weathering
(Trenter, 1999). The presence of carbonates is an indication of the extent and degree of the
mineral alteration that has occurred in the material (Trenter, 1999). Leaching involves the
removal of carbonates from a soil, which can increase the swelling properties of the material
(Quigley, 1975).
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2.1.4 Effect of Fractures

The presence of fractures in clayey glacial tills significantly affects the properties of the
till. Fracturing in glacial tills can occur through a variety of different mechanisms. These
include:
1) vertical stress reduction (retreat of glacier);
2) horizontal tensional stress resulting from isostatic crustal rebound;
3) contraction from freezing;
4) shrinkage due to drying;
5) induced failure from applied shear forces.
South-Western Ontario glacial clays are often fractured in the upper 3 to 4.6 m. (Adams
and Radhakrishna, 1971). Fractures can be categorized by their shape, length, width,
orientations, density, roughness and continuity (Vitone et al. 2009).
Fractures significantly affect mechanical and hydraulic behaviour of till. The presence of
fractures increases the hydraulic conductivity of the till. The amount of increase is a function of
the degree of fracturing and the fracture pattern. The increase hydraulic conductivity poses the
possibility of rapid water movement through the fractures. This increases slope instability, result
in seepage, and increases settlement (Mckay et al. 1993).
The existence of fractures affects the consolidation behaviour of tills and thus both the
amount and rate of settlement. The coefficient of consolidation for fracture tills is a function of
degree of fracturing and the fracture pattern much like with hydraulic conductivity. The
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coefficient of volume compressibility also increases with the amount of fracturing and the
fracture pattern. Studies conducted on London Clay concluded that the compressibility of
fractured material was twice that of unfractured material (Allred, 2000). One aspect of fracturing
that is important when discussing consolidation is the closure of the fractures. When the effective
stress becomes large (in laboratory testing this was at about 400 kPa) the compressibility of the
fractured till approached that of the intact material (Allred, 2000). This is attributed to the fissure
being “closed” due to the effective stress. Fractures tend to be closed at depth and more open at
the surface. However, “closed” fractures still provide an avenue for water to travel.
Fracturing has a significant impact on the shear strength of the till. Undrained
unconsolidated triaxial tests on fractured London Clay yielded shear strengths 55% less than that
of non-fractured London clay (Bishop and Little, 1976). Peak strength values of a material do not
provide a good representation for fractured materials. Fractured shear strength has been shown to
be only slightly above the residual strength of the soil. Lo (1970) states that the shear strength of
a fractured material will fall between upper and lower bounds. The maximum shear strength is
found from test samples without fractures and the minimum occurs with fractures orientated
along the failure plane (Lo, 1970).
Fractured material is also prone to softening, i.e. a loss in shear strength over time. It can
be assumed that the effect of softening from fractures is also a function of the degree of
fracturing and the pattern. Full softening often takes years to develop, and when it does, the fully
softened shear strength of fractured tills approaches the normally consolidated peak value
(Skempton, 1970).
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Another artefact of fracturing is the infilling of fracturing with smaller particles. The
effect of such infilling is unclear at this time, but it is suspected to influence the softening
process. Fracturing in tills will affect the stiffness of the till. As mentioned, fracturing will reduce
shear strength and increase consolidation. As stiffness is defined as the deformation response to
an applied force, the stiffness of a till will reduce with fracturing.

2.2 Wind Turbine Foundation Design
Wind turbine foundation design codes and standards worldwide (and in Canada) are quite
sparse. Major publications are currently limited to:
-

CSA Guide to Canadian Wind Turbine Codes and Standards (2008)

-

CAN/CSA-C61400-1, Wind Turbines- Part 1: Design Requirements (2014)

-

IEC International Standard 61400-1, Wind Turbines- Part 1: Design Requirements (3rd
Edition, 2005-2008)

-

DNV/RISO, Guidelines for Design of Wind Turbines, (2nd Edition, 2002)

-

ASCE/AWEA RP2011 Recommended Practice for Compliance of Large Land-based
Wind Turbine Support Structures (2011)

The Canadian Standards Association published the “CSA Guide to Canadian wind turbine codes
and standards” in 2008. The most recent revision in 2014, now referenced as CAN/CSAC61400-1, supersedes the 2008 publication. The current edition closely follows the International
Electrotechnical Commission’s (IEC) International Standard publication, IEC 61400-1, with
alterations to tailor the standard for use in Canada. However, the guidelines for foundation
design still remain quite sparse. In the 2008 CSA publication, it is stated that ‘apart from
Ontario, there are no regulations or codes in Canada pertaining specifically to wind turbine
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foundations’ (CSA 2008). It reveals that foundation designs for wind turbines in Canada are
subject to the approval of ‘authorities having jurisdiction,’ which would typically involve
professional engineers who have accessed other references for guidance such as IEC
publications. The 2005 edition of IEC 61400-1 has no specific guidelines regarding foundations
apart from outlining and describing the design load cases to be used in design calculations, (IEC
2005). A new standard aimed at providing guidelines and design standards for wind turbine
foundations is being compiled by the IEC.
The American Wind Energy Associated (AWEA) publication also closely resembles the IEC
61400-1 publication with references to applicable ASTM and AISC standards. Guidance for
foundation design directs the reader to DNV/ Riso (2002).
Det Norske Vertitas (DNV) has published perhaps the most comprehensive guidelines for wind
turbine foundation design. There are two publications: the DNV/RISO 2nd edition, “Guidelines
for Design of Wind Turbines” (2002) and DNV-OS-J101 Offshore standard, “Design of
Offshore Wind Turbine Structures” (2010). The latter publication is aimed towards offshore
wind turbines; however, the principles of the design are quite similar with specific considerations
for the offshore environment. The DNV (2002) publication was listed by the CSA as a potential
resource for design criteria for turbine foundations in Canada. For the purposes of this review,
the 2002 guidelines are examined below in more detail.
A soil investigation involving geological studies, geophysical surveys and geotechnical
investigations is prescribed. The geological study should encompass gathering information on
the geological history of the site in question with the aim of determining the pertinent
information for the rest of the investigation. A geophysical survey using seismic methods will

24

aid in determining the soil stratification in the area, thus expanding the knowledge gained from
exploratory boreholes and in-situ testing (DNV, 2002). Geotechnical investigations for wind
turbine sites should consist of soil sampling, in-situ tests and laboratory tests. The investigation
should gather information used for classification of the soil, consolidation behaviour, strength
and stiffness parameters. It should be sufficient to allow calculations of bearing capacity,
settlement behaviour, foundation stiffness, sliding stability, compressibility, and sensitivity to
dynamic loading (DNV, 2002).
Design of shallow foundations for wind turbines follow typical idealized bearing capacity
formulae based on strip foundations (e.g. Terzaghi, 1944). Figure 2.4 depicts a representation of
the idealized loading conditions.
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Figure 2.4: Idealized loading conditions for shallow wind turbine foundations, (Adapted
from DNV, 2002).
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In the above Figure 2.4, H represents the horizontal design force, V the vertical design force and
M the overturning design moment. H and V intersect at the load centre, LC, and the difference
between the LC and the centreline of the geometry of the turbine is the eccentricity, e.
The DNV (2002), suggests that the bearing capacity of the proposed gravity base foundation is
the lesser of that of two cases’ capacities from Equations 2.1 and 2.3 below.
1

𝑞𝑞𝑑𝑑 = 𝛾𝛾 ′ 𝑏𝑏𝑒𝑒𝑒𝑒𝑒𝑒 𝑁𝑁𝛾𝛾 𝑠𝑠𝛾𝛾 𝑖𝑖𝛾𝛾 + 𝑝𝑝′0 𝑁𝑁𝑞𝑞 𝑠𝑠𝑞𝑞 𝑖𝑖𝑞𝑞 + 𝑐𝑐𝑑𝑑 𝑁𝑁𝑐𝑐 𝑠𝑠𝑐𝑐 𝑖𝑖𝑐𝑐
2

𝑞𝑞𝑑𝑑 = 𝑐𝑐𝑢𝑢𝑢𝑢 𝑁𝑁𝑐𝑐0 𝑠𝑠𝑐𝑐0 𝑖𝑖𝑐𝑐0 + 𝑝𝑝𝑜𝑜

for drained conditions

(2.1)

for undrained

(2.2)

And

Where:

𝑞𝑞𝑑𝑑 = 𝛾𝛾 ′ 𝑏𝑏𝑒𝑒𝑒𝑒𝑒𝑒 𝑁𝑁𝛾𝛾 𝑠𝑠𝛾𝛾 𝑖𝑖𝛾𝛾 + 𝑐𝑐𝑑𝑑 𝑁𝑁𝑐𝑐 𝑠𝑠𝑐𝑐 𝑖𝑖𝑐𝑐 (1.05 + 𝑡𝑡𝑡𝑡𝑡𝑡3 ∅)

q d is the design bearing capacity
ϕ is the angle of friction, ϕ d for the undrained case
γ’ is the effective unit weight
p’ 0 is the effective overburden pressure at embedment depth
c is the design shear strength, c d , drained or c ud , undrained
N γ ,N q ,N c ,N c 0 are bearing capacity factors given by:
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(2.3)

𝑁𝑁𝑞𝑞 = 𝑒𝑒 𝜋𝜋𝜋𝜋𝜋𝜋𝜋𝜋∅𝑑𝑑

1+𝑠𝑠𝑠𝑠𝑠𝑠∅𝑑𝑑

(2.4)

1−𝑠𝑠𝑠𝑠𝑠𝑠∅𝑑𝑑

𝑁𝑁𝑐𝑐 = �𝑁𝑁𝑞𝑞 − 1� ∗ 𝑐𝑐𝑐𝑐𝑐𝑐∅𝑑𝑑

(2.5)

3

1

𝑁𝑁𝛾𝛾 = ∗ (�𝑁𝑁𝑞𝑞 − 1�𝑐𝑐𝑐𝑐𝑐𝑐∅𝑑𝑑 )2
4

(2.6)

𝑁𝑁𝑐𝑐0 = 𝜋𝜋 + 2

(2.7)

s γ ,s q ,s c ,s c 0 are shape factors given by:

𝑠𝑠𝑞𝑞 = 1 − 0.4

𝑏𝑏𝑒𝑒𝑒𝑒𝑒𝑒

(2.8)

𝑙𝑙𝑒𝑒𝑒𝑒𝑒𝑒

𝑠𝑠𝑞𝑞 = 𝑠𝑠𝑐𝑐 = 𝑠𝑠𝑐𝑐0 = 1 + 0.2

𝑏𝑏𝑒𝑒𝑒𝑒𝑒𝑒

(2.10)

𝑙𝑙𝑒𝑒𝑒𝑒𝑒𝑒

i γ ,i q ,i c ,i c 0 are inclination factors given by:

𝑖𝑖𝑞𝑞 = 𝑖𝑖𝑐𝑐 = �1 −

𝐻𝐻𝑑𝑑

𝑉𝑉𝑑𝑑 +𝐴𝐴𝑒𝑒𝑒𝑒𝑒𝑒 𝑐𝑐𝑑𝑑 𝑐𝑐𝑐𝑐𝑐𝑐∅𝑑𝑑

𝑖𝑖𝛾𝛾 = 𝑖𝑖𝑞𝑞2
𝑖𝑖𝑐𝑐0 = 0.5 + 0.5 ∗ �1 −
For use in Equation 2.1 and:
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�

2

(2.11)

(2.12)

𝐻𝐻

𝐴𝐴𝑒𝑒𝑒𝑒𝑒𝑒 𝑐𝑐𝑢𝑢𝑢𝑢

(2.13)

𝑖𝑖𝑞𝑞 = 𝑖𝑖𝑐𝑐 = 1 +

𝐻𝐻

𝑉𝑉+𝐴𝐴𝑒𝑒𝑒𝑒𝑒𝑒 ∗𝑐𝑐∗𝑐𝑐𝑐𝑐𝑐𝑐∅

𝑖𝑖𝛾𝛾 = 𝑖𝑖𝑞𝑞2

(2.14)

(2.15)

𝑖𝑖𝑐𝑐0 = 0.5 + 0.5 ∗ �1 −

𝐻𝐻

𝐴𝐴𝑒𝑒𝑒𝑒𝑒𝑒 𝑐𝑐𝑢𝑢𝑢𝑢

(2.16)

For use in Equation 2.3
b eff and l eff are the effective dimensions of an idealized foundation corrected for eccentricity and
torque. A eff is the effective foundation area. The calculation of these values will vary depending
on the geometry of the foundation.
For a circular foundation the effective foundation area is given by:
𝑒𝑒

𝐴𝐴𝑒𝑒𝑒𝑒𝑒𝑒 = 2 �𝑅𝑅 2 𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎𝑎 � � − 𝑒𝑒√𝑅𝑅2 − 𝑒𝑒 2 �
𝑅𝑅

(2.17)

With

And

𝑏𝑏𝑒𝑒 = 2(𝑅𝑅 − 𝑒𝑒)

𝑙𝑙𝑒𝑒 = 2𝑅𝑅�1 − �1 −

(2.18)

𝑏𝑏𝑒𝑒 2

2𝑅𝑅

�

Leading to the calculation of the effective length and width given by:
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(2.19)

𝑙𝑙𝑒𝑒𝑒𝑒𝑒𝑒 = �𝐴𝐴𝑒𝑒𝑒𝑒𝑒𝑒

𝑙𝑙𝑒𝑒

𝑏𝑏𝑒𝑒

(2.20)

And

𝑏𝑏𝑒𝑒𝑒𝑒𝑒𝑒 =

𝑙𝑙𝑒𝑒𝑒𝑒𝑒𝑒
𝑙𝑙𝑒𝑒

𝑏𝑏𝑒𝑒

(2.21)

Where
R is the radius of the foundation,
l e is the long axis of the ellipsoid,
b e is the short axis of the ellipsoid and
e is the eccentricity of centre of load to the centre of the geometry.
Due to the dynamic nature of loading a wind turbine foundation must be designed to resist, the
overall foundation stiffness is also an important design parameter. Often during analysis the
foundations are considered fixed supports; however, soil masses experiencing cyclic loads have a
finite stiffness and therefore cannot be considered a fixed support. To represent the soil and
foundation stiffness it is common to consider a spring model. Stiffness needs to be considered
for vertical, horizontal, rocking and torsional movements. The expected strain is a governing
factor in determining the required foundation stiffness. As a spring model is a linear
representation and soils do not behave linearly, it is important to select the correct strain level
across which a linear representation will be appropriate. Modelling the complex vertical
horizontal moment loading conditions properly is an important part of a conservative foundation
design. Taiebat and Carter (2000) demonstrated through comparisons of two dimensional and
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three dimensional finite element models that considering vertical, horizontal and moment loads
simultaneously versus the traditional pairing of conditions through different scenarios produces
more conservative designs.
DNV (2002) provides formulas for spring stiffness for different types of gravity base
foundations. The equations yield values for static stiffness, a frequency of loading of zero;
however, it is suggested that for the frequencies associated with wind loading they will still be
appropriate. Earthquake loading on the other hand requires separate analysis (DNV, 2002).

31

Figure 2.5 Foundation stiffness guidelines presented by DNV, 2002.
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Figure 2.6: Foundation stiffness guidelines presented by DNV, 2002.
Borrowicka (1943) developed a rocking stiffness equation, Equation 2.22, for isotropic elastic
half-spaces which is likely the predecessor to some of the above equations.

K R = 8GR3/(3*(1-ν))
In Equation 2.17 and the equations provided in Figure 2.4 and 2.5:
G is the shear modulus,
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(2.22)

v is the Poisson’s ratio,
R is the radius of the foundation,
H is the depth to bedrock or the next soil layer and
D is the embedment depth.

Bell (1991) expressed the response of a rigid footing to combined loading in a matrix form, as
shown in Equation 2.23. Bell derived the approach from three-dimensional finite element
analysis of a surface footing subjected to combined vertical, horizontal and moment loading.

𝑉𝑉

⎧𝐺𝐺𝑅𝑅2 ⎫
⎪ 𝐻𝐻 ⎪
Where

𝐾𝐾𝑉𝑉
=�0
2
⎨𝐺𝐺𝑅𝑅
⎬
0
⎪ 𝑀𝑀 ⎪
3
⎩𝐺𝐺𝑅𝑅 ⎭

0
𝐾𝐾𝐻𝐻
𝐾𝐾𝑀𝑀𝑀𝑀

𝑤𝑤

0
𝑅𝑅
𝐾𝐾𝑀𝑀𝑀𝑀 � � 𝑢𝑢 �
𝑅𝑅
𝐾𝐾𝑀𝑀
𝜃𝜃𝑀𝑀

(2.23)

K V , K H , K M , and K MH are dimensionless elastic coefficients,
G is the shear modulus,
R is the foundation radius,
V, H and M are the vertical, horizontal and moment loads and,
w, u, θ M are the vertical, horizontal and rotational responses respectively.

The elastic coefficients of Equation 2.23 depend only on the ratio of the foundation embedment
to the radius of the foundation and the Poisson’s ratio. The coefficients K V , K H , K M and K MH
correspond to the vertical, horizontal, moment and coupled moment-horizontal degrees of
freedom (Doherty and Deeks, 2003). Doherty and Deeks (2003) extended this approach by using
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a scaled boundary finite-element method to evaluate semi-analytical solutions for the elastic
coefficients for a variety of embedment cases.
Allotey and El Naggar (2007), applied a beam on a nonlinear Winkler foundation model to
obtain analytical solutions for the static moment-rotation response of a circular foundation.
Comparisons to experimental solutions were promising. It was determined that the selection of
the stiffness modulus of the subgrade material was important; however, using rocking stiffness or
vertical stiffness has minimal effects on the results (Allotey and El Naggar, 2007). Conversely,
the moment-rotation relationship was sensitive to the horizontal response and the choice of
bearing capacity distribution was important. The model did not include a reduction in the shear
modulus, G, with cyclic straining as the cyclic strain was considered to be relatively small
(Allotey and El Naggar, 2003).

2.3 Environmental Wind Loading
The wind environment governs the loading of the wind turbine and the resulting loads are based
on the 10-minute average wind speed at hub height. The International Electrotechnical
Commission (IEC) published an international standard on wind turbine design requirements, IEC
61400-1, and is the basis for the Canadian CAN/CSA-C61400-1 design standards for wind
turbines. The IEC uses a classification system to divide wind turbines into four classes based on
the wind speed and turbulence parameters of the erection site. The classes are intended to be
used as a broad coverage for most applications and are not site specific (IEC, 2005). Each class
is associated with a reference 10-minute average extreme, 50 year wind speed and a sub class for
reference turbulence intensities. A special class, S, is used to differentiate for exceptional
circumstances, where the other class reference values will not be applicable, such as offshore
applications and hurricane prone regions. Reference values for Class S turbines must be specified
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by the designer. Table 2.3 provides the reference velocity and turbulence intensity values for the
different classes of wind turbines.
Table 2.3: Reference values for wind turbine classes, IEC(2005)
Wind Turbine Class

I

II

III

V ref (m/s)

50

42.5

37.5

Sub Class A, I ref

0.16

Sub Class B, I ref

0.14

Sub Class C, I ref

0.12

S

Specified by the
designer

V ref , is the reference 10-minute averaged extreme wind speed with a 50 year return period at hub
height and I ref is the expected value of turbulence intensity at 15 m/s.
The project site specific 10-minute averaged wind speed reference value is 33.9 m/s. The
manufacturer classified our study site as an IEC class 2B, indicating medium wind speed and
turbulence intensity. From Table 2.3, this yields a design value of 42.5 m/s for 10 minute
averaged wind speeds and an expected value turbulence intensity of 0.14 at 15 m/s.
DNV/Riso Guidelines for design of wind turbines provide insight on the determination of design
loads on components of the turbine structure. The loads are induced mainly from the wind
environment; however, loads are also generated during operation such as centrifugal forces,
coriolis forces and gyroscopic forces (DNV/Riso, 2002). The DNV/Riso classifies loads as:
•

Gravity and inertial loads on the rotor and blades
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•

Gravity loads on the tower and nacelle

•

Aerodynamic blade loads

•

Centrifugal and coriolis forces from rotation

•

Gyroscopic loads due to yawing

•

Aerodynamic drag forces on the tower and nacelle

Determination of these loads is not trivial and depend on knowledge of structural dynamics and
aerodynamics.
Manufacturers specify the rocking stiffness and this provides one of the design cases. Other load
cases relate to the environmental loads and provide the highest overturning moments. For this
machine and site, the design vertical force is 2900 kN, shear force is 1100 kN, overturning
moment is 76200 kNm, and a torsional moment of 4400 kNm.

2.4 Cyclic Degradation of Soil Stiffness
The response of soils to cyclic loading is an important topic of study for earthquake and offshore
engineering and has been studied by a number of researchers. A number of models have been
presented including the Fatigue Contour Diagram model (Anderson et al. 1993), the Degradation
Index model (Idriss et al. 1978), the Seed Liquefaction model (Seed et al. 1976) and the Soil-Pile
Load-Transfer Degradation model (Matlock et al. 1978).
The degradation index model evaluates stress-dependent damage under cyclic loading and was
initially quantified as the degradation index and the degradation parameter by Idriss et al. (1978).
It was proposed that the ratio of the Young’s (or shear modulus) at a given cycle, to the Young’s
(or shear modulus) of the first cycle represented the degradation index, Equation 2.24:
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Where δ is the degradation index,

𝛿𝛿 = 𝐺𝐺𝑠𝑠𝑠𝑠 /𝐺𝐺𝑠𝑠1

(2.24)

G sN is the undrained secant shear modulus at cycle N, and G s1 is the undrained secant shear
modulus at the first cycle.
The slope of the degradation index curve is called the degradation parameter. By obtaining the
degradation parameter for each of the stress states across the strains tested, in theory, it should be
possible to predict the degradation index and therefore the theoretical stiffness degradation for a
prescribed level of strain and number of cycles. The degradation parameter is related to the
degradation index by:

Where: t is the degradation parameter.

𝛿𝛿 = 𝑁𝑁 −𝑡𝑡

(2.25)

t can be calculated as:

𝑡𝑡 =

log 𝛿𝛿

log 𝑁𝑁

(2.26)

The degradation parameter, t, can also be found as the slope of the straight line plotted in log-log
scale of the degradation index over a number of cycles.
A prominent researcher in the field of cyclic degradation is Mladen Vucetic, who has published a
number of articles on cyclic degradation in clays. Vucetic (1987) studied the normalized
behaviour of offshore clay under uniform cyclic loading. He proposed a method of evaluating the
stiffness degradation of a clay for various stress states and normalized the pore pressure via the
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confining stress. The method involves forming a database of degradation and pore pressure
responses for many cycles of loading across a range of shear strains. Predictions of the amount of
degradation and residual pore pressures are then possible for intermediate stress states and strain
levels.
Vucetic and Dobry (1988) expanded on this research and extended the procedure from simple
shear tests to triaxial tests. They also compiled a data set of degradation parameters for a
selection of marine clays from Venezuela, California, and Alaska. Vucetic (1989) extended the
research on offshore clay to examine the behaviour under irregular cyclic loading and Vucetic
and Dobry (1991) included the effects of soil plasticity and a larger range of OCR values in the
research. Datasets from 16 publications were examined and compared to previous research. It
was demonstrated that the plasticity index is the prominent factor in the location of the modulus
reduction curve and material damping ratio curves, which are both important tools in analyzing
the degradation potential of a soil.
Vucetic (1994) investigated the cyclic threshold shear strain in soils. The value of the threshold
shear strain with respect to soil type is discussed from a collection of published laboratory data.
The practical implication of the threshold strain value in relation to different applications and
scenarios is theorized. Matasovic and Vucetic (1995) developed a model which expresses the
porewater pressure as a function of the degradation index. Their model was compared to
previously published experimental data for uniform and irregular strain controlled loading and
proved to be a reasonable fit. Mortezaie and Vucetic (2013) investigated the effects of the
frequency of cyclic loadings on cyclic degradation and pore pressures in clays. It was found that
the degradation parameter increases with frequency and decreases with increasing confining
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stress. The study was conducted on Kaolinite and it was implied that for clays differing
substantially from Kaolinite the same phenomenon may not be present.
Van Eekelen (1976) proposed a mathematical model for the prediction of fatigue in soils. A
fatigue parameter, k, is introduced and the various methods of calculating or assuming k are
suggested and discussed. The fatigue parameter, k, is reminiscent of the degradation parameter
discussed by Idriss and Vucetic.
Brown et al. (1975) investigated the response of a silty clay to repeated stress controlled loading
using triaxial equipment. The over-consolidation ratio of the silty clay ranged from 2 to 20 and
the number of load cycles wrought 106 for some tests. It was found that even after 106 cycle,
permanent strain continued to accumulate. Furthermore, it was found that the higher the overconsolidation ratio, the more resilient the silty clay was to strain accumulation.
No directly comparable soil degradation studies have been conducted on over-consolidated
clayey tills. Comparisons will be made to the data available in the literature where applicable in
Section 5.

2.5 Fatigue Theory
Fatigue theory involves the quantification and prediction of the degree a material weakens in
response to loads.

Fatigue estimation is an important design concept for structures and

components that are subjected to cyclic loading. An important aspect of fatigue theory is “fatigue
life,” which is typically taken as the number of cycles of a level of stress a material can undergo
before failure of the material.
One tool that is commonly used in the determination of fatigue life is a Wohler curve, named
after August Wohler, and also known as the S-N curve. S-N curves are material specific curves
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that graph the number of cycles to failure at varying levels of stress; however, these curves can
only be directly used to determine fatigue life if the cycles of applied loading are always of the
same magnitude of stress. S-N curves are generated from laboratory testing on samples of the
material to determine the number of cycles to failure at given stress levels.
In reality, the loads applied to materials and structures are complex and somewhat random,
involving cycles of loads across varying magnitudes of stress. A common method used to
evaluate the cumulative damage done by such a sequence of loads is Miner’s Rule. Miner’s Rule
states that the portion of the total fatigue life used by the application of stress cycles at a given
magnitude is the ratio of the number of cycles applied to the number of cycles that would cause
failure at that magnitude (Karchele, 1963). This can be expressed by Equation 2.27:

𝐶𝐶 = ∑𝑘𝑘𝑖𝑖=1

𝑛𝑛𝑖𝑖

𝑁𝑁𝑖𝑖

(2.27)

Where k is the number of different stress magnitudes considered, n i is the number of cycles at the
given magnitude of stress, and N i is the number of cycles at that level of stress until failure. C is
the cumulative damage; for design typically a value of 1 is considered to have reached the
‘fatigue life’.
To apply Miner’s Rule to a practical application the number of cycles of varying magnitudes
needs to be established. One method to accomplish this is to use rainflow counting techniques.
The rainflow counting algorithm was introduced by Matsuishi and Endo (1968) and allows for
the reduction of a time-domain signal to a histogram of similar amplitudes. ASTM designation:
E1049 describes the standard practices for cycle counting for use in fatigue analysis. Rainflow
counting can be summarized as the process of reducing the time history into a sequence of peaks
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and valleys, also known as turning points (Matsuishi and Endo, 1968). The turning points are
summed as half cycles if the range of values meets criteria determined by the value of
subsequent turning points and the half cycles are summed to find the total cycles from the time
history (ASTM1049). The combination of Miner’s Rule and rainflow counting methods is
considered to be one of the best methods for fatigue life estimation (Mrsnik et al, 2013).
The above fatigue theory is typically applied to metallic or similar materials, where the
behaviour of repetitive loading is more easily understood. Deformation can be separated into
elastic and plastic regions, where elastic deformation caused no permanent change in the
structure of the material, while plastic deformation will. Soil, on the other hand, is a varied
material consisting of particles of varying size shapes and chemical composition. The
relationship between stress and strain is therefore much more complex. This clearly poses a
challenge when attempting to apply fatigue theory to soils.
S-N curves and Miner’s Rule of accumulated damage have been applied to geotechnical
practises. Sobhan and Braja (2007) used Miner’s Rule to evaluate the damage and fatigue life of
cemented soils and found that the empirical results of fatigue endurance limit testing
approximately matched the theory using Miner’s Rule.

2.6 SHANSEP and Material Testing
SHANSEP is an acronym for Stress History and Normalised Soil Engineering Properties and
refers to a design procedure for clay soils that display ‘normalized behaviour’. The method was
developed at MIT and is described in detail by Ladd and Foott (1974). A soil is considered to
exhibit normalized behaviour when normalized parameters tend toward a constant value. In this
case, undrained shear strength is normalized with respect to the effective stress. The SHANSEP
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approach compares the normalized undrained shear strength with the over consolidation ratio.
This allows for a normalized undrained shear strength value to be obtained for any value of
OCR, (Head, 1998). The use of this method provides many advantages. For example, better
estimates of design parameters can be obtained from testing, as more data is obtained from
laboratory tests without a substantial investment. Furthermore, sample disturbance is nearly
eliminated as an effect of controlling the stress state. For the purpose of this investigation the
SHANSEP principle provides the appealing advantages of allowing for the prediction of
undrained shear strength across changes in stress states and field conditions. This will allow the
conclusions identified from the tests described herein to be extrapolated to other situations. The
SHANSEP principle also allows for tests completed on samples from slightly different depths
within the same soil layer to be compared directly.
The SHANSEP principle is not without its limitations. The method can only be applied to
relatively uniform clay deposits, where there is a knowledge of the stress history as the
preconsolidation stress must be known (Head, 1998). Also, specimens may need to be
consolidated to very high stress depending on the preconsolidation pressure. Sometimes the
required stresses are beyond the capabilities of some testing equipment. Verification of whether
the soil under investigation exhibits normalized behaviour can be done by conducting monotonic
compression tests on the soil. The deviator stress is normalized with respect to the
preconsolidation pressure and plotted with strain during shearing. If the curve tends to a constant
value, normalized behaviour is said to be present (Head,1998).
In essence, the SHANSEP procedure involves consolidating triaxial specimens under K o
conditions to an effective stress of 1.5 to 4 times the preconsolidation pressure. Samples are then
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allowed to swell to a vertical effective stress to achieve the desired OCR. Once the desired stress
state is reached, the samples are sheared in undrained compression (Ladd and Foott, 1974).
A modified version of the SHANSEP principle was proposed by Coatsworth (1984) wherein
isotropic consolidation is used in place of K 0 consolidation. The procedure followed for this
study uses isotropic consolidation instead of the K 0 consolidation method proposed by Ladd and
Foot (1974). The modified method provides a more approximate estimation of shear strength
values when compared to the traditional SHANSEP method; however, due to the simpler
procedure it is more common in practise (Head, 1998). To verify normalized behaviour for the
modified SHANSEP method the undrained shear strength from undrained compression tests is
normalized with the consolidation pressure and compared to the ratio of consolidation pressure
and preconsolidation pressure. If this curve tends to a common value then normalized behaviour
is present.
Modifications to the data from the modified method are made to correct isotropic swelling to
anisotropic swelling and thus would allow for comparisons between datasets achieved using the
original SHANSEP approach. The procedure is outlined below as adapted from Coatsworth
(1986).
Specimens are consolidated isotropically to a stress, p c ’, which is 1.5 - 4 times greater than the
preconsolidation pressure, σ vm ’.
The normally consolidated earth pressure at rest coefficient is obtained using the following
relation:

𝐾𝐾0 = 1 − 𝑠𝑠𝑠𝑠𝑠𝑠𝜑𝜑 ′
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(2.28)

The effective stress paths are plotted in the MIT field, of s’ and t. The K o line is drawn, which
has an angle from the horizontal, θ k , given by:
1−𝐾𝐾0

𝜃𝜃𝐾𝐾 = 𝑡𝑡𝑡𝑡𝑡𝑡−1 (

1+𝐾𝐾0

)

(2.29)

The K o line will intersect the stress path at a point where the principle stresses are the vertical
and horizontal effective stress and where they would be after anisotropic consolidation, this
method was proposed by Henkel (1960).
The isotropic consolidation correction factor is then obtained by:

𝑓𝑓𝑐𝑐 =

𝑝𝑝𝑐𝑐′

(2.30)

′
𝜎𝜎𝑣𝑣𝑣𝑣

If the soil is normally consolidated, the normalized shear strength for , c u /σ vc ’ is obtained by:
𝑐𝑐𝑢𝑢

′
𝜎𝜎𝑣𝑣𝑣𝑣

= 𝑓𝑓𝑐𝑐

𝑐𝑐𝑢𝑢

(2.31)

𝑝𝑝𝑐𝑐′

If the soil is over-consolidated the procedure differs slightly. After isotropic consolidation, the
specimen is allowed to swell isotropically to a consolidation pressure of p s ’. The coefficient of
earth pressure at rest, K ou , is then calculated from the relationship described by Mayne and
Kulhaway 1982:
𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠′

𝐾𝐾0𝑢𝑢 = (1 − 𝑠𝑠𝑠𝑠𝑠𝑠𝜑𝜑 ′ )𝑅𝑅𝐾𝐾

Where R k is the OCR for 1D consolidation.

The correction factor for isotropic swelling, fs, is then provided by:
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(2.32)

1

𝑓𝑓𝑠𝑠 = (1 + 2𝐾𝐾0𝑢𝑢 )
3

(2.33)

The normalized shear strength cu/σvs is then obtained by:
𝑐𝑐𝑢𝑢

′
𝜎𝜎𝑣𝑣𝑣𝑣

= 𝑓𝑓𝑠𝑠

𝑐𝑐𝑢𝑢
𝑝𝑝𝑠𝑠′

(2.34)

Ladd et al. (1977) and Jamiolkowski et al. (1985) have demonstrated that the variations in
undrained shear strength with preconsolidation pressure and over consolidation ratios are well
defined by the relation:

𝑐𝑐𝑢𝑢 = 𝑎𝑎𝜎𝜎𝑣𝑣′ 𝑂𝑂𝑂𝑂𝑂𝑂𝑏𝑏

(2.35)

Where a and b are factors. Mayne (1988) and Jamiolkowski (1985) have indicated that the factor
a is typically 0.33 for triaxial tests on clay and b varies between 0.75 and 0.85.
A good correlation between observed behaviour and Equation 2.35 along with published
SHANSEP datasets is desired.

2.7 Small Strain Stiffness and Bender Elements
Bender elements were presented as a tool for soil testing by Shirley and Hampton (1978). Bender
elements can be used to measure the initial shear modulus of a soil by correlations from the
measured shear wave velocity, V s . Bender elements are thin ceramic plates that transmit and
receive a wave signal through a soil mass of known length. By analyzing the received signal and
determining the total travel time the velocity of the sent wave can be computed. The correlation
between Gmax obtained from bender elements and from the resonant column apparatus was
confirmed by Dyvik and Madhsus (1985).
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Analysis of bender element information is relatively straightforward; however, there are some
difficulties that can arise when determining the arrival time of the sent wave. Electromagnetical
coupling crosstalk, mixed radiation of waves and near field effects all contribute to the
uncertainty of determining the first arrival point (Lee and Santamarina, 2005). Both time domain
and frequency techniques can be used to help determine the wave velocity; these methods
involve cross correlation of sent and received signals, peak to peak measuring, first deflection,
zero crossing and first arrival detection. For the present research signal analysis software
provided by GDS, the bender element manufacturer for the current setup is used as one tool in
determining the wave velocities for the tested soil. The software incorporates output signal
analysis in the frequency domain, first arrival, first deflection, zero crossing and peak to peak
estimation methods. The software also allows for a user specified travel time. G max is related to
the shear wave velocity by the density of the soil as follows:

𝐺𝐺𝑚𝑚𝑚𝑚𝑚𝑚 = 𝜌𝜌𝑉𝑉𝑠𝑠2

(2.36)

Where V s is the shear wave velocity and ρ is the density of the soil.

2.8 Full Scale Monitoring of Wind Turbines
Historically, wind turbines were run to failure, with periodic replacement of parts such as
coolants, oils, filters etc. However with the increase in size, cost, and number of turbines, this
approach is no longer practical. Regular inspections by trained technicians have become
common place. These inspections are often done visually or with the use of some basic analysis
tools which limits their overall effectiveness (Hyers et al. 2006). There are however, additional
systems being implemented to evaluate the loads and response of different turbine components.
Determination of the useable life of a turbine and its components is important from the point of
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view of scheduling maintenance and for deciding when to replace or retire the turbine as a
whole. This data provides information on the reliability of these components and allows for the
adjustment of maintenance procedures to reduce any problems (Adams et al. 2011). These
approaches also form parts of structural health monitoring systems (SHM) or simply condition
monitoring. SHM provides information on the current state of the components they are
implemented on. This information can be used to schedule maintenance as required, avoid
downtime, prevent failures, and quickly asses the status of the system after an event such as an
earthquake, severe storm, or an impact. SHM helps to reduce life cycles costs by allowing a
condition based maintenance program to be used. Traditionally, parts are replaced after a
predetermined amount of operating time to avoid breakdowns; however the parts being replaced
may be in perfect working order and the “fatigue” or working age/condition may be quite
different. Being able to determine when a component is beginning to show wear and then
replacing it can save downtime and money. SHM can also have an important influence on
design philosophy; long term monitoring of performance or structures can allow for reduced
factors of safety (Ciang et al. 2008).
A good SHM system will consist of a network of sensor arrays and means for translating the
measurements into a gauge of the condition of the structure. This can be accomplished through
software or data analysis algorithms (Ciang et al. 2008). There are a variety of different types of
SHM systems being applied in practise to wind turbines. These systems are primarily focused on
the blades, the rotor and its inner components with little regard to the tower/foundation or
surrounding soils.
As mentioned, SHM systems are typically incorporated into the blades and rotors of wind
turbines. According to Hyers et al. (2006) this is because “neither tower or foundation has
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accounted for any failures in 10,000 turbine years of operation”. Frakenstein et al. (2013), state
that the monitoring of foundation structures is a dedicated issue to offshore applications, as
different foundation structures are used, such as welded frames which are susceptible to
corrosion and cracking between varying water levels. Although with the increase of tower height
and rotor diameter, leading to larger bending loads, SHM of the tower and foundation for
onshore installations is warranted (Hyers et al, 2006). The use of SHM systems on supporting
structures main focus is improving design methods (Bas et al. 2013).
A number of researchers have attempted to instrument and monitor commercial wind turbines.
Osgood (2001) instrumented different components of a commercial wind turbine with
accelerometers in order to determine the dynamic characteristics of the wind turbine. It was
determined that the fundamental frequency of the instrumented tower was approximately 0.69
Hz and a fundamental frequency of the rotor and nacelle was found to be 1.69 Hz (Osgood,
2001).
Pruess (2013) conducted a dynamic response assessment on a small wind turbine. The study
included earth pressure cells beneath the foundation, tiltmeters on the foundation, strain gauges
on the tower, and anemometers. Spectra were generated from the data collected for each of the
instruments. It was found that the tiltmeters measured the largest variations in vibration
frequencies. The pressure cells and strain gauges provided consistent estimates of the
fundamental frequencies of the system and estimated the first mode to be 0.92 Hz (Pruess, 2013).
KEPA 4, the turbine that is the focus of the study of this thesis, has been the focus of other
studies involving monitoring on the turbine tower. Bas et al. (2013) installed a Fibre Brag
Grating sensor array of strain gauges along the tower height at five levels. They investigated the
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strain response of the tower as a function of nacelle orientation. They also examined the strain
response of the tower under emergency stop conditions, as well as employing spectral techniques
to determine the natural frequency of the tower. The spectral analysis of the strain response as
computed by Bas et al. (2013) is provided in Figure 2.7. The analysis involved a Fast Fourier
Transform of the 100 Hz signal from the strain gauges. It is unknown if any smoothing
techniques were employed. To corroborate the natural frequency identified in this signal a
numerical analysis was performed to gain an estimation of the natural frequency of the tower.
Details of this analysis are provided in Appendix C, and the estimated natural frequency was
found to be approximately 0.19 Hz. While this was not a direct match between the values
observed by Bas et al. (2013), the differences can be attributed to the assumptions made in the
numerical analysis on the structure of the tower or simplifications used.

Figure 2.7: Power Spectrum of Strain gauge array signal, Bas et al. (2013)
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Smith et al. (2014) also conducted studies using the same Fibre Bragg Grating sensor array of
strain gauges along the tower height. Their study investigated the effects of wind regime and
inflow parameters on wind turbine tower loading. Of particular note were observations of the
mean and maximum base bending moment for 10-minute average wind speeds measured 80 m
above grade for 12 weeks. From this they found operational tower base bending moments at
various rated wind speeds. The results are summarized in Figure 2.8 below. Once the maximum
moment is reached at 10 m/s (~42 MNm), the base bending moment then decreased gradually
with increasing wind speed (after the maximum power production has been reached). It was
found that high-shear, low-turbulence conditions demonstrate marginally higher mean base
bending moments than low-shear, high-turbulence conditions across all operational wind speeds.
While low-shear, high-turbulence conditions demonstrate higher levels of loading variance and
yaw activity (Smith et al, 2014).
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Figure 2.8: Maximum base bending moment associated with wind speed at turbine hub
height. Smith et al. (2014)
Both of these studies provide valuable information that can be used for calibration of field
equipment, scaling of laboratory tests and interpretation of results for the work described in this
thesis.

2.9 Summary
A survey of the literature relating to key areas of the study has been conducted and presented.
Available data on the clayey till beneath the turbine foundation has been referenced and
information on similar materials has been analyzed. The current design guidelines for wind
turbine foundations have been presented and the relevant approaches for determining foundation
stiffness have been described. A summary of the coupled cyclic vertical-horizontal-moment
loading conditions on wind turbine foundations have been defined and classification of turbine
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wind environments has been provided. Methods for measuring the degradation of soil stiffness
have been presented and the appropriate material testing procedures have been outlined.
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Chapter 3: Methodology
To investigate the soil-structure interaction of the turbine foundation subject to cyclic and
complex vertical-horizontal-moment loading and simulate soil element behaviour in a laboratory,
both in-situ measurements and laboratory testing were required. In-situ measurements included
the recording of the wind environment and the foundation response to excitation; laboratory tests
involved both static and dynamic triaxial tests. The rationale, procedures and details of the in-situ
measurements and laboratory soil testing are provided herein.

3.1 Site and Wind Farm
The focus of this study is a large Siemens MK II 2.3 MW wind turbine located in South-Western
Ontario near Lake Erie. One of 88 turbines on a commercial wind farm, this particular turbine
was chosen for ease of access and its proximity to the farm’s meteorological tower. The MKII
model turbines have a rotor diameter and hub height of 93 m and 80 m respectively. The total
mass of the tower and rotor is 28.6 x 104 kg. This is supported by a shallow octagonal
foundation, which can be circumscribed about a circle of a diameter of 19 m and is embedded 3
m below grade. The tower is connected to the foundation by vertical bolts anchored into the
foundation. The thickness of the foundation at the centre is 3 m and this tapers out towards the
edges; a detailed schematic of the foundation geometry is shown in Figure 3.1. Approximately
150 m to the North-West of the turbine is a Meteorological Tower (MET), which has been
instrumented by the power generation company (Kruger Energy) with sonic anemometers
capable of recording wind speed and direction up to 1 second intervals.
The wind farm is scattered across an open terrain agricultural landscape near the shore of Lake
Erie. The surrounding landscape of the farm is shown in Figure 3.2 and the approximate site
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location is shown in Figure 3.3. Using the IEC 61400-1 criteria, the wind farm has been
categorized as a Class IIb site. Such classification is characterized as having medium level
turbulence intensity and wind speeds. (IEC 61400-1). IEC 61400-1 specifies the expected value
of the turbulence intensity to be 14% at a wind speed of 15 m/s for a Class IIb site and the
reference 50-year return period 10-minute average wind speed at hub height to be 42.5 m/s. The
project site specific extreme value 50-year 10-minute average wind speed has been estimated as
33.9 m/s by the manufacturer. The annual average wind speed at hub height is 8.5 m/s and the
50-year return period 3 second gust wind speed is 59.5 m/s.
From site investigations conducted previously by Tyldesley and Newson (2016), it was found
that the site is underlain by clayey silt tills, rich in carbonates and the deposit can be sub-divided
into three general layers. A heavily weathered upper crust, a partially weathered lower crust and
an un-weathered clay till. The upper and lower crusts have been identified as glaciolacustrine
deposits and the clay till has been recognised as Port Stanley till. The clay till is of glacial origin
and was deposited during the Wisconsin glaciation of the Pleistocene Epoch (Stephenson,
Fleming, & Mickelson, 1988). The Laurentian ice sheet, having covered all of Canada during
this time is responsible for laying down the glacial till at the site. A summary of the basic
properties of the soil profile is provided in Table 3.1.
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Table 3.1 Summary of Averaged Basic Soil Properties (Tyldesley and Newson, 2016)
Property

Upper Crust

Lower Crust

Unweathered Till

Depth (m)

0-1.5

1.5-4.5

4.5-40

Water Content (%)

22-32

16-20

16-24

Unit Weight (kN/m3)

20.3

21

21.6

Average Su (kPa, from CPT)

115

243

85

Average Go (MPa, from CPT)

35

100

65

Liquid Limit (%)

46

34

30

Plastic Limit (%)

21

19

17

Clay (%)

40

29

31

Silt (%)

45

49

45

Sand (%)

15

20

21
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Figure 3.1 Foundation Detail, All Dimensions in mm.
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Figure 3.2 Landscape of the commercial wind farm and study turbine.

Figure 3.3 Approximate location of the wind farm.
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3.2 Site Investigation and Soil Profile
A detailed site investigation has been conducted previously. The site investigation was
described in detail by Tyldesley and Newson (2016). The investigation involved the drilling of 3
boreholes and in-situ tests such as SPT, CPT, shear vane and cross-hole geophysics tests were
performed. The location of the boreholes relative to the foundation is shown in Figure 3.7. PQ
core and Shelby tube samples were recovered for the laboratory tests described herein.
Undrained shear strength and small-strain shear modulus profiles of the site from the CPT tests
are provided below for reference in Figures 3.4 and 3.5 respectively.

A more detailed

description of the existing site data is provided in Appendix B and a full description of the site
investigation and analyses can be found in Tyldesley and Newson (2016).
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Figure 3.4 Undrained Shear Strength Profile from CPT tests, (Tyldesley and Newson, 2016)
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Figure 3.5 Small Strain Shear Modulus from CPT tests, (Tyldesley and Newson, 2016)

3.3 Wind Environment
An independent extreme value analysis of the project site has been conducted to compare
with the site specific values IEC class values. The analysis was conducted by Kiss et al.
(2014) using a superstation approach to calculate the peak gust wind speeds for varying
61

return periods. The superstation approach presented by Peterka, (1992), combines short-term
data from multiple monitoring stations, in this case all of the turbines on the farm, into a
single station with a large number of station years of data. A single superstation was formed
using the 10-minute averaged wind speeds at hub height from 44 turbines over a two year
period (2010-2011). The analysis considered each of the 44 stations to be independent of
each other with annual maxima an equivalent of 88 years worth of data could be compiled.
However, an investigation of the times of the annual maxima indicates that they are
occurring at the same time, which suggests that not all values can be considered independent.
By including only unique times for annual maxima, the data set is reduced to 35 values. It is
interesting to note that 3 of the values are above the manufactured indicated maximum of
33.9 m/s. If the values are only considered independent if they occur on separate days, then
the data set is further reduced to 13 points. The remaining annual maxima were fit to a Type I
extreme value Gumbel distribution which is plotted in Figure 3.6.
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Figure 3.6: Gumbel Type I fit of extreme value wind data from superstation approach.
(Kiss et al, 2014)
The Gumbel fit suggests that the 50-year 10-minute average wind speed at hub height is 28.9
m/s, which is considerably less than the IEC class 2 value of 42.5 m/s and the site specific
manufacturer provided value of 33.9 m/s. The NBCC specified 10-year and 50-year values of 23
and 27 m/s (at a height of 10 meters, shown as triangles in Figure 2.5.1) When these values are
adjusted using the open terrain power law profile specified for use with the NBCC dynamic
procedure, this yields a value of 36.1 m/s. The IEC class value is 42.5 m/s, from IEC 61400-1.
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This value is the average annual wind speed multiplied by a factor of 5, which is consistent with
the code value of the average annual wind speed of 8.5 m/s from IEC for this site class; this
seems to be based on European practice and no justification is provided in IEC 61400-1 (Kiss et
al, 2014).

3.4 Field Equipment Setup
3.4.1 Data Acquisition System
A Campbell Scientific CR5000 data logger was installed inside the wind turbine tower. The data
logger was connected to a field computer via a RS-232 communication link. The data logger is
capable of running on reserve battery power and saving data internally for a period of time, in the
event the field computer is not operating. A custom program was created for the data logger to
measure and record the output from the 5 uniaxial tiltmeters installed on the foundation base at a
rate of 20 Hz. The scanning rate was chosen such that a generated spectrum would span up to 10
Hz, sufficient enough to capture the suspected first and second natural frequencies as suggested
by Bas et al. (2013) and estimated via dynamic analysis as described in further detail in
Appendix C. The sensors were connected to the data logger using analog connectors and the
entire system is grounded to the wind turbine tower main ground cable. Data from the data
logger is automatically collected by the field computer at 2 hour intervals and periodically
collected from the field computer manually.
3.4.2 Tiltmeters
The uniaxial tiltmeters are manufactured by RST Instruments and use a Micro-ElectroMechanical System accelerometer to determine the angle of inclination from the horizontal with
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an accuracy of +/- 5 arc sec up to a full scale reading of +/- 15˚. The tiltmeters are installed
directly to the foundation by means of concrete anchors and epoxy. They are installed at each of
the cardinal directions with two tiltmeters at the East location, as shown in Figure 3.7. This
allows measurement of the rotation of the foundation in the N-S and E-W directions. The
tiltmeters are denoted TM1 through 5 and their direction of measurement is shown in Table 3.2.
By placing the tiltmeters at perpendicular locations, the decomposition of movement into North,
South, East, West planes is enabled if the wind direction is between azimuths. It also ensures that
there is a sensor on the leading and trailing edges of the foundation related to the wind direction,
which is useful for clarification of the mechanism of movement of the foundation under loading.
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Figure 3.7: Location of tiltmeters on foundation and location of boreholes relative to
foundation. (Not to Scale)
Table 3.2: Tiltmeter measurement directions

Device
TM1
TM2
TM3
TM4
TM5

Measurement
Direction
S-N
W-E
N-S
E-W
N-S
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3.4.3 Wind Instruments and Recording
Wind speed and direction was collected and averaged at 1 sec intervals from 5 cup
anemometers installed on the metrological tower to the North-West of the turbine. These
anemometers were located at 34, 61, 70, 77 and 80 m above grade. Wind speed and direction can
also be recorded at the nacelle of the turbine (with another cup anemometer) and every other
turbine on the farm. The turbine sensors across the site measure both power output and wind
speed simultaneously.

3.5 Tiltmeter Calibration and Proof Testing
After initial installation of the tiltmeters and an analysis of the data obtained, it became evident
that the response signal was quite noisy. Pruess (2013) observed a similar phenomenon when
trying to instrument the foundation of a small wind turbine. To verify the accuracy and reliability
of the values, it was decided to calibrate and explore any possible limitations of the tiltmeters.
Therefore it was necessary to perform additional tests on the tiltmeters to determine their
performance and these are described below in more detail.
3.5.1 Wind Tunnel Testing
A special wooden table with a hinge-able top was designed and constructed. The table was
built to fit with the existing shake table infrastructure in the Boundary Layer Wind Tunnel
(BLWT) at Western University, as shown in Figure 3.8. Using a wedge connected to a computer
controlled linear actuator; the hinge-able table top could be tilted up and down with a specified
rate, amplitude and pattern. A tiltmeter was installed on the tabletop to measure the angle of
inclination. To obtain the ‘true’ value for comparison, a laser distance recorder was used to
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determine the vertical displacement of the table top. The angle of inclination was then calculated
using the geometry of the table.
It was found that the accuracy and repeatability of the tilt meters was dependent on both the
amplitude and frequency of the input. Higher amplitudes could be measured accurately if the
frequency was low. However above 0.3 Hz the relative difference in amplitude exceeded 10 %.
Appendix A shows a more detailed description of these calibration tests.

Figure 3.8: Apparatus for laboratory tiltmeter experimentation
3.5.2 Field Calibration with Accelerometers
While the controlled laboratory tests on the tiltmeters were invaluable and provided useful
information on the behaviour of the tiltmeters, additional verification of the field performance of
these instruments was desired. To compare the observed signals, 2 seismic accelerometers were
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also installed on the wind turbine foundation for a 24 hour period. The accelerometers were
connected to the Campbell Scientific data logger and were recorded at 20 Hz. Data from both the
accelerometers and the tiltmeters was then collected, along with wind speed and wind direction
for 24 hours.
It was found that the accuracy and reliability of the tiltmeters for recording foundation rotations
in the field was not sufficient. The seismic accelerometers provided more consistent and accurate
measurements of the foundation rotations. The data collected from the seismic accelerometers
will be used for further analysis and it has been suggested that future studies on Kepa 4 included
additional and permanent seismic accelerometers. The data collected from the tiltmeters may be
useful for confirming locations of spectral peaks when conducting spectral analysis of the
accelerometer data but further usage should be approached with caution. For further details of
the field calibration and analysis see Appendix A.

3.6 Laboratory Testing Procedures and Apparatus
In general, all of the laboratory tests were conducted according to ASTM standards, with
deviations as needed to accomplish specific goals for the research. Cyclic triaxial tests were
carried out in accordance with ASTM Standard D3999/D3999M-11e1 “Standard Test Methods
for the Determination of the Modulus and Damping Properties of Soils Using the Cyclic Triaxial
Apparatus”. Monotonic triaxial tests were conducted according to ASTM Standard D4767-11
“Standard Test Method for Consolidated Undrained Triaxial Compression Test for Cohesive
Soils”. The stress-strain behaviour for static and cyclic conditions was evaluated using triaxial
tests and bender element tests. Cyclic triaxial tests were carried out for three different
overconsolidation ratios with varying degrees of strain for 10,000 cycles. The samples were
69

cycled at a frequency of 0.3 Hz, which is close to the natural frequency of the turbine as
determined by Bas et al. (2013). This compares to a simple Raleigh Ritz approximation of the
system for the 1st mode of 0.18 Hz. Monotonic triaxial tests with bender elements were
conducted to obtain shear strength and shear modulus values for the chosen overconsolidation
ratios. The stress-strain behaviour from the monotonic triaxial tests was also used to validate the
use of the SHANSEP method. The cyclic triaxial tests were conducted with the goal of
quantifying the amount of stiffness degradation accumulated over a large number of cycles. This
testing scheme allowed for the generation of soil state degradation responses that spanned stress
state, strain level and frequency. Testing was conducted on GDS instrument laboratory testing
equipment with continuous computer measurement and coupled control of stress and pressure
and volume changes. The equipment used, its capabilities and limitations, as well as the
procedures that were followed are described below.
3.6.1 Sample Preparation
The samples selected for testing from PQ cores and Shelby tubes extracted from tubes and
wax seals broken using a wire saw and a sharp knife. Care was taken not to place new stresses on
the sample during the extraction process. Using a sample lathe, a 50 mm diameter x 100 mm
long specimen was gently carved from the original 70 mm diameter sample. Three separate
moisture content samples were taken from the trimmings. If the sample was large enough to
yield more than one specimen, the additional specimen was carved with some extra length.
Moisture contents were taken from the trimmings and the additional specimen was wrapped in
plastic wrap, three separate times, placed into 3 separate sealable plastic bags, with the air
removed using a vacuum line from each bag. When the additional specimen was to be used, the
extra length was trimmed off to make the usual 50 mm diameter x 100 mm length cylindrical
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specimen. A moisture content sample was taken from the end trimmings to unsure that the
moisture content did not change before testing. Once the specimen was created, the diameter,
length, and weight were recorded. The sample was set aside until ready to be placed into the
triaxial testing apparatus.
3.6.2 Details of Apparatus
Laboratory tests were conducted using GDS triaxial testing systems. Automated test
monitoring and recording was accomplished through the use of the GDSLabs software. Dynamic
triaxial testing was conducted on a Hollow Cylinder Apparatus (HCA), Figure 3.9.

Figure 3.9: GDS Hollow Cylinder Apparatus (HCA); Left: Laboratory setup, Right: Image
courtesy of GDS Instruments (2015)
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The HCA apparatus is capable of performing dynamic tests with frequencies up to 5 Hz at an
amplitude of 1 mm. It is equipped with an axial displacement encoder, allowing for
measurements of small strains with an accuracy of 1 μm. A 5 kN load balanced internal load cell
was installed providing an accuracy of +/- 4 N. Pore pressure measurements are taken using a
pore pressure transducer with an accuracy of +/- 2 kPa up to a maximum of 2000 kPa.
Monotonic triaxial tests were conducted on both the HCA and a GDS Bishop and Wesley triaxial
cell as seen below in Figure 3.10.

Figure 3.10: GDS Bishop and Wesley Cell Triaxial Equipment; Left: Laboratory setup,
Right: Image courtesy of GDS Instruments (2015).

72

Figure 3.11: GDS Pressure/Volume Controller, image courtesy GDS Instruments (2015).
Pressures for all of the GDS systems was controlled using GDS Standard Level Pressure/Volume
Controllers (STDDPC), shown in Figure 3.11. The STDDPCs allow for pressure measurements
to be resolved to 1 kPa with an accuracy of +/- 1.5 kPa up to a maximum pressure of 2 MPa.
Volume changes can be resolved to 1 mm3 at an accuracy of < 0.25% of the current
measurement.
3.6.3 Setup of the Triaxial Apparatus
Porous stones were saturated by being submersed in de-aired water and placed under a vacuum
for 20-30 minutes to boil. The triaxial testing apparatus was then prepared. The pressure/volume
controllers for both back pressure and cell pressure were emptied to unsure there was no air,
trapped in the chambers or lines. The controllers were then filled to the required levels using deaired water. The drainage tubes to the sample pedestal were flushed with de-aired water to
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unsure no soil or dust particles were clogging the lines. The pore pressure transducer was
inspected for damage and the pore pressure line was flushed with de-aired water to remove any
particles. Using a de-airing device the pore pressure transducer was saturated. This was done by
opening the bleed valve on the de-airing block, covering the opening on the sample pedestal and
flushing de-aired water out of the bleed valve as it was slowly closed. This guarantees that air
pockets are not trapped in the line to the pore pressure transducer, which would affect readings.
Once the apparatus was prepared the specimen was mounted.
A 50 mm circular disk of filter paper was placed on the sample pedestal; this was topped with a
porous stone and a further filter paper disk. The sample was placed on top along with another
porous stone with filter paper disks on either side. Filter paper was used on either side to prevent
migration of particles. Through experimentation is was found that using two disks increased the
speed of consolidation and much less material was found in the drainage tubes upon test
completion. Radial strip drains 1 cm thick and spaced 1 cm apart were added to the sample to
facilitate drainage. A sample with radial and end drains is shown in Figure 3.12. A thin layer of
vacuum grease was applied to the base of the sample pedestal to create a good seal.
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Figure 3.12: Typical 50 mm x 100 mm sample with radial side drains and end drains
Using a membrane stretcher, a rubber membrane was inspected for leaks and then placed over
the sample. A second membrane was tested and placed over the first membrane for added
protection against leaks. The bottom of the membranes was fixed to the sample pedestal using
three O-rings. De-aired water was then allowed to flow into the sample through the back
pressure line until water was visible on top of the specimen. This was done to remove as much
air as possible and thus aid in the saturation of the sample. A thin layer of vacuum grease was
applied to the top cap, and de-aired water was allowed to flow out of the drainage hole at a slow
rate. The top cap was placed on the sample and the membranes attached to the top cap using O75

rings. The flow of water was then stopped. Using this process, as little air as possible would be
left around the sample to dissolve. The sample pedestal was then placed inside the cell chamber
and a final check of all of the lines was completed.
3.6.4 Triaxial Sample Docking
A vacuum extension collar for the monotonic and cyclic testing was attached to the top cap of
the sample as per instructions provided by GDS Instruments. A diagram of the extension cap is
provided in Figure 3.13. A layer of vacuum grease was applied to the extension cap and the
collar. The loading ram was then activated slowly to bring the extension cap into the extension
collar. A threshold load value of 0.01 kN (resulting in 5kPa) was used to prevent damage to the
sample. The vent to atmosphere between the extension cap and the top cap was open to prevent
pressure build up. The cell chamber was then sealed and filled with de-aired water. The load ram
was allowed to move up, as long as the load threshold was not exceeded, as the water filled the
cell. Once the cell chamber was filled, the space between the top cap and extension cap was
inspected to ensure solid contact.
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Figure 3.13: Diagram courtesy of GDS Instruments (2015)
3.6.5 Bender Element Testing Setup and Method
The setup for the bender element tests differs from the normal setup procedures. When
placing the sample on the base pedestal it must be noted which direction the element is facing, so
that when the top cap is placed the element on the top cap can be aligned with the base element.
Furthermore, special ‘donut’ shaped porous stones and circular filter papers are needed to allow
the bender elements to pass through. The elements attached to the pedestal and the circular
porous stones are shown in Figure 3.14.
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Figure 3.14 Bender element transduces potted into triaxial pedestal (50 mm diameter) with
circular porous stones. Image courtesy of GDS Instruments (2015)
3.6.6 Triaxial Testing Method
The pressure lines were connected to the back pressure and cell pressure controllers. Care was
taken to allow de-aired water to flow out as the lines were attached to ensure no air was trapped
inside. The test was then commenced. The load cell, pore pressure, axial displacement, cell and
back pressures were all continuously monitored using computer software and values were
electronically recorded every 10 seconds.
All of the samples (monotonic and cyclic) were saturated using a back pressure of 200 kPa and a
cell pressure of 220 kPa, resulting in an initial effective stress of 20 kPa. The pressure was
ramped to these values using a rate of 1 kPa per minute. Once the target pressures were reached,
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the samples were left to saturate for a minimum of 24 hours. After 24 hours, a B-value check was
conducted by closing off the back pressure lines, increasing the cell pressure by 50 kPa and
monitoring the change in the pore pressure. As long as the sample was over 95% saturated, i.e. a
B-value of 0.95 or higher, the sample deemed to be sufficiently saturated and was then
consolidated. If the sample was not saturated to a satisfactory level, then the saturation stage was
allowed to continue for another 24 hours, and was rechecked. If the saturation was < 95% at this
stage, the sample was rejected. The acquired saturation of each test conducted is given in Table
3.3.
Table 3.3 Level of saturation achieved for each test performed.
Test ID

Saturation %

Cyclic 2

98

Cyclic 3

95

Cyclic 4

95.4

Cyclic 5

96.5

Cyclic 6

96.5

Cyclic 7

95.3

Cyclic 8

95

Cyclic 9

99

Bender 2

97.9

Bender 3

97.3

Bender 4

97.9

Freq 1

96.5
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Freq 2

98.5

CSR 1

97.8

CSR 2

97.7

CSR 3

96.6

CSR 4

97.6

CSR 5

95.8

Cyclic 10

97.5

Cyclic 11

97.9

Cyclic 12

96.4

During consolidation, the stress state of the samples was selected based on the SHANSEP
principle as described by Ladd and Foot (1974). SHANSEP is an acronym for Stress History and
Normalised Soil Engineering Properties. Using the SHANSEP principle, the in-situ conditions of
the soil can be replicated with greater precision. The use of the SHANSEP method has numerous
advantages. For one, the influence of sample disturbance is reduced. Also since the lower glacial
till layer of the soil profile is relatively uniform, it allows for a larger range of samples from
varying depths to be used. This will ensure quality samples are always used for testing.
Furthermore a smaller number of tests are required to confirm that normalised properties follow
a trend, (Head, 1998). In the scope of this project, it will allow for the investigation of different
stress states with a common history through testing, and eventually normalization of the
degradation parameters. The procedure followed for the SHANSEP principle is as follows.
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1) The pre-consolidation pressure for the uniform clay at the desired depth was determined
from a high quality oedometer test conducted by, Tyldesley and Newson (2016), as
shown in Appendix B.
2) Samples were incrementally consolidated isotropically to 2 times the preconsolidation
stress.
3) The samples were allowed to swell to the vertical effective stress that resulted in the
desired overconsolidation ratio from the new maximum consolidation stress.

3.6.6.1 Monotonic Triaxial Testing
Samples were consolidated incrementally to the specified stress states as determined by the
SHANSEP method. Upon completion of consolidation, a series of bender element pulses of both
S-wave and P-waves were sent through the sample. Pulse time histories and velocity estimates
were recorded using GDS bender element software. The software allows for analysis of the
signals using first arrival, first deflection, zero crossing, peak to peak and frequency domain
estimation methods. Peak to peak estimation was the preferred method for simplicity and ease of
verification. A typical input/output signal as analyzed by the GDS software is shown in Figure
3.15. Estimates of signal travel time from both time and frequency domain methods are plotted
as an example.
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Figure 3.15: Typical input/output signal from bender element tests

Once the final desired stress state was reached and all bender element signals obtained, samples
were sheared in undrained conditions. A target failure strain of 25% was selected and the rate of
shearing was determined from the relation as suggest by (Head, 1998), Equation 3.1.
𝜀𝜀𝑓𝑓 𝐿𝐿

100𝑡𝑡𝑓𝑓

𝑚𝑚𝑚𝑚/𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚

(3.1)

Where ε f is the failure strain and t f is the time to failure given by Equation (3.2)

𝑡𝑡𝑓𝑓 = 1.8𝑡𝑡100 𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚
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(3.2)

Where t 100 is the squared value of the intersection of the initial linear and end horizontal portions
of the consolidation curve (square root time Vs. volume change). A typical consolidation curve
with the t 100 estimated is shown in Figure 3.16.
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Figure 3.16: Typical Consolidation curve for triaxial tests
The test plan for the monotonic/bender element tests is provided in Table 3.4 with the target over
consolidation ratio and consolidation pressures for each test provided. Consolidation pressures
were chosen such that a relationship between shear modulus and consolidation pressure could be
established while still achieving the desired over consolidation ratios of 1, 2 and 4 for the three
separate tests.
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Table 3.4 Monotonic/Bender Element Testing Plan

Monotonic and Bender Element

Test ID

OCR

Strain Rate
(mm/min)

Consolidation Pressures (σ' 3 , kPa)
50, 125, 200, 275, 350, 425, 500, 720,

Bender 2

4

0.064
360, 180

Bender 3

1

.1657

300, 720, 360, 180, 720

Bender 4

2

.1917

360, 575, 650, 720, 360

3.6.6.2 Undrained Cyclic Testing
For samples undergoing dynamic testing, once the desired stress state was reached and the
sample was consolidated, the cyclic testing was commenced. Back pressure lines were closed for
the duration of the testing to create an undrained condition. The control parameters for the test
were entered and the samples were tested for 10,000 cycles without allowing any drainage.
Throughout the cyclic testing, all of the monitored values were recorded at a rate of 100 equal
points per cycle. Details on the range of OCRs, frequencies, strains and critical stress ratios
covered throughout the cyclic testing are provided in Table 3.5, which outlines the cyclic triaxial
testing plan. The test plan is designed to cover varying degrees of strain across three different
stress states, while evaluating the effects of increasing successive strains as well as changes in
the frequency of loading.
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Table 3.5 Undrained Cyclic Triaxial Testing Plan for Strain/Stress and Frequency
Modulated Tests

Cyclic Strain Controlled Tests

Test ID

OCR

Strain Level
(%)

Frequency
(Hz)

Cycles

Cyclic 4

1

10-2

0.3

10,000

Cyclic 5

2

10-2

0.3

10,000

Cyclic 6

1

1

0.3

10,000

Cyclic 7

2

10-1

0.3

10,000

Cyclic 8

4

10-2

0.3

10,000

Cyclic 9

4

10-1

0.3

10,000

Cyclic 10

1

10-1

0.3

10,000

Cyclic 11

2

10-2

0.3

10,000

Cyclic 12

4

10-2

0.3

10,000
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Cyclic Stress Controlled Tests

Test ID

OCR

CSR

Frequency
(Hz)

Cycles

CSR 1

1

0.2

0.3

10,000

CSR 2

1

0.05

0.3

10,000

CSR 3

1

0.125

0.3

10,000

CSR 4

1

0.25

0.3

10,000

CSR 5

1

0.15

0.3

10,000

Cyclic Strain Controlled, Frequency Modulation Tests

Test ID

OCR Strain Level Frequency
(%)
(Hz)

Cycles

Freq 1

1

10-1

0.1

10,000

Freq 2

1

10-1

1

10,000

1

10-1

0.3

10,000

Cyclic
10
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Cyclic Strain Controlled, Increasing Strain Tests

Test ID

OCR

Strain Level (%)

Frequency
(Hz)

Cyclic 4

1

0.01, 0.03, 0.1, 0.3, 1

0.3

Cycles
10,000 per strain
level
10,000 per strain

Cyclic 6

1

1, 0.3, 0.1, 0.03, 0.01

0.3
level
10,000 per strain

Cyclic
2

0.01, 0.03, 0.1, 0.3, 1

0.3
level

11

10,000 per strain

Cyclic
4

0.01, 0.03, 0.1, 0.3, 1

0.3
level

12

The cyclic triaxial tests, with the exception of the frequency modulated tests, were conducted at a
loading frequency of 0.3 Hz. This loading rate was chosen because it was reported by Bas et al
(2013), that the fundamental frequency of the tower response and therefore loading of the soil is
0.322 Hz. This value also fits as a midpoint on a log scale when plotted with the test results from
0.1 Hz and 1 Hz loading tests.
The amount of cycles, 10,000, is three orders of magnitude greater than seismic loading (Isihara,
1996) and was chosen for a number of reasons.
i)

Since the amplitudes are of a small magnitude, a sufficient number of cycles to
observe any accumulated damage was needed, while still being few enough that data
files could be handled by the software.
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ii)

Furthermore, few researchers have investigated fatigue effects for large numbers of
cycles; for a practical application 10,000 cycles would represent a 9.5 hour synoptic
weather system.

3.7 Summary
The test site and equipment setup for full-scale field monitoring of a commercial wind-turbine
has been described. A custom configured data acquisition system with an array of 5 tilt sensors
has been installed on the foundation and calibrated using field data and laboratory data. Wind
speed and direction has been recorded using anemometers mounted on and near the wind turbine.
A dataset and sample inventory of a detailed site investigation conducted and reported by
Tyldesley and Newson (2016) has been described (involving insitu testing and excavation of soil
samples for laboratory testing).
The apparatus setup and procedures described above have been followed to complete a
sophisticated laboratory testing program, involving stress and strain controlled cyclic triaxial
tests and monotonic triaxial tests with bender elements. This testing program has incorporated
varying frequencies of loading, strain levels, and stress levels, as well as simulated storm events
across a range of OCRs controlled using the SHANSEP method. This allows for the degradation
behaviour of the clay till under cyclic conditions with varying frequency and strain amplitudes to
be evaluated. This specific test plan will allow for the generation of a family of curves across
over consolidation ratios, strain amplitudes and frequency which can be used for estimation of
degradation effects for similar materials and comparison to and validation of in-situ
measurements and state of the art design approaches.
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Chapter 4: Analysis of Field Instrumentation
To gain a clearer understanding of the coupled wind-foundation responses in the ‘wind
loading chain’, the recorded full-scale field instrumentation data has been collated and analyzed.
The foundation data is supplemented by wind speed and direction measurements. The field
observation data has been organized into two subsets: a) a 24 hour time history with wind
speed/direction and foundation accelerometer measurements for a low wind speed event and b)
an 18 hour time history of wind speed/direction for a moderate wind speed event. These datasets
are further sub-divided into high, moderate and low wind speed periods and analyzed
accordingly. A summary of the investigation of the tiltmeter performance is presented in further
detail in Appendix A. Rainflow counting techniques were also employed to categorize the
foundation response and these values are compared with the predicted foundation movements.
4.1 Instrumentation and Compiled Data Sets

The two short term data sets with supplemental wind data were collected through the field
study. The short term data sets include a 24 hour time history in August 2014 with low to
moderate wind speeds, ranging from 0 m/s to 8 m/s (henceforth referred to as DS1). An 18 hour
time history in December 2013 was also recorded with consistently higher wind speeds, from 6
m/s to 13.6 m/s (referred to as DS2). The foundation response was recorded for both data
histories using 5 uniaxial tiltmeters and for the 24 hour dataset (DS1), 2 additional seismic
accelerometers were installed on the foundation. The tiltmeters and accelerometers were scanned
using a Campbell Scientific CR5000 data logger at a rate of 20 Hz. The sensors were arranged on
the foundation as shown in Figure 4.1 and recorded (or were used to determine) the angle of tilt
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in the directions listed in Table 4.1. Unfortunately after detailed testing it was found that the
performance of the tiltmeters was not satisfactory for the proposed analysis, thus only the data
recorded by the accelerometers will be used to investigate the foundation movements. For details
on the verification of the tiltmeter sensors see Appendix A. Wind speed and direction was
collected for both datasets and averaged at 1 sec intervals at the hub height elevation of 80 m. In
addition, cup anemometers were installed on the meteorological tower located 150 m to the
North West of the turbine. For further details of the foundation monitoring and wind sensing
equipment refer to Section 3.3.

Figure 4.1: Foundation schematic showing tiltmeter and accelerometer locations
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Table 4.1: Device nomenclature and measurement directions
Device

Measurement Direction

TM1

S-N

TM2

W-E

TM3

N-S

TM4

E-W

ACC1

E-W

ACC2

N-S

4.2. Twenty Four Hour and Eighteen Hour Wind Measurements and Foundation Response

The fluctuation of the wind direction over the duration of the two time histories is illustrated
in Figure 4.2 and 4.3. The direction is measured in degrees clockwise from North. The
predominant wind direction for the December data set (DS2) is North-Eastern, while the August
data set (DS1) has a varying wind direction; initially the wind was blowing North-West and then
a gradual shift to the South occurred. Near the end of the DS1 data set there appears to be a lot of
rapid fluctuation of the wind direction. However, when looking at the corresponding wind speeds
shown in Figures 4.4 and 4.5, it can be seen that during these periods, the wind speed was almost
zero. Comparing the differences in wind speed between the two datasets it can be seen that the
DS2 data set had much higher wind speeds than the DS1 data set. The wind speed had an
average value of 9.96 m/s with a standard deviation of 2.2 m/s for the DS2 data set and an
average value 3.05 m/s with a standard deviation of 1.35 m/s for the DS1 data set.

91

Figure 4.2 Fluctuation of wind direction for the December 18 hour dataset (DS2)

Figure 4.3: Fluctuation of wind direction for the August 24 hour dataset (DS1)
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Figure 4.4 Fluctuations in wind speed for the December 18 hour dataset (DS2)

Figure 4.5: Fluctuations in wind speed for the August 24 hour data Set (DS1)
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The comparison between the foundation response for these two data sets is also interesting
because the DS2 set represents a high shear, low turbulent condition, while the DS1 set
represents the opposite. It has been found previously by Smith et al. (2014) that high-shear, lowturbulence conditions produce slightly higher moments between the cut-in and rated wind speeds
of the turbine. While low-shear, high turbulence conditions result in an increase in the levels of
shear variance along the tower, which could potentially excite higher modes of vibration in the
tower. Smith et al. (2014) identified high-shear, low turbulence conditions as having a mean
wind shear exponent of approximately 0.07 with a turbulence intensity of 14.9% while the lowshear, high turbulent condition was identified as having a mean wind shear exponent of
approximately 0.39 and a mean turbulence intensity of 7.2%. Smith et al. (2014) used Fiber
Bragg Grating arrays along the tower height to determine the bending moments in the tower. The
maximum base bending moment corresponding to a 10-minute average wind speed at 80 m
above ground level over a 12 week period was determined by Smith et al. (2014) and is shown in
Figure 4.6. The magnitudes of the base bending moments increase proportionally up to a
maximum of 12 m/s; this is where rated power production is achieved. Above rated speeds, the
magnitude of the moment gradually decreases as the wind speed increases, whilst production
power remains relatively constant. This type of behaviour is typical for pitch-regulated turbines.
In the event of higher wind speeds and failures of control devices these moments could be
exceeded. The IEC 61400-1(DLC6.1) suggests the maximum design overturning moment to be
76.2 MNm, which corresponds to a design wind speed of 59.9 m/s.
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Figure 4.6 Maximum base bending moment with wind speed, Smith et al. (2014)
According to Figure 4.6, for the average wind speeds measured during the two data histories
(DS1 & DS2), the average base bending moment is approximately 9 MNm for an average wind
speed of 3.05 m/s and 39 MNm for an average wind speed of 9.96 m/s.
4.2.1 Foundation Rotation Response

The accelerometers installed on the foundation were measured and recorded in mV. To obtain
the rotation of the foundation the transfer function for the device of 100mV to 1 ‘g’ was applied
and ‘g’ was converted to m/s2 by multiplying by 9.8 m/s2. The signals were then integrated twice
to obtain the vertical displacement of the foundation in meters. The accelerometer displacement
readings were converted to rotation in degrees by using trigonometry and the geometry of the
foundation using Equation 4.1.
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𝜃𝜃 = 𝑡𝑡𝑡𝑡𝑡𝑡−1 (

𝛿𝛿

)

2500

(4.1)

Where
Θ is the angle of rotation in degrees
δ is the measured displacement in mm, 2500 mm from the centre of the turbine (the location of
accelerometers).
The response of the foundation is illustrated below in Figure 4.7 and Figure 4.8 for both
accelerometers for the 24 hour data set (DS1).

Figure 4.7: Foundation response recorded by accelerometer 1 (ACC1), E-W orientation
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Figure 4.8: Foundation response recorded by accelerometer 2 (ACC2), N-S orientation
By comparing the two rotation time histories with the wind speed and direction, a number of
observations can be made. The ACC2 data shows larger peaks than the ACC1 data, although
they both occur at the same times. This suggests that these readings are not anomalies and are
related to the wind speed components and the complex tower movements. These peaks also
correspond to increases in wind speed on an otherwise low wind event. Thus these spikes are
likely due to the turbine cutting in and out of power production. For both rotation time histories,
it is also evident that the angles of rotation fluctuate about a neutral point indicating that the
foundation is rocking back and forth and thus not about a point of significant positive bias, which
would have implications for the instantaneous induced moments. The rocking motion of the
foundation is not only influenced by the wind acting on the tower and blades, but also by the
rotation of the blades causing rotation of the foundation perpendicular to the direction of wind.
These two phenomena lead to a complex relationship between excitation and response that will
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cause tower response in multiple degrees of freedom. This occurrence is further supported by the
differences between the peaks in the centre of the time histories. At this point the wind direction
was predominately from the South and the wind speed was high. There is a much larger peak in
the E-W accelerometer (ACC1) data than the N-S accelerometer, which is measuring in the
direction of the wind. This suggests that the peak maybe caused by the commencement of power
production, as the rotor brake releasing and turbine beginning to rotate would cause this larger
peak at 90° to the wind direction.
4.3. Data Analysis
Although examining the time histories of the wind behaviour and foundation response as
shown is quite telling, in order to gain a better understanding of the response, further analysis
was required. The wind speed and accelerometer data for each data set was separated into 10
minute blocks and statistics for each block was obtained. This is typical practice in wind
engineering to identify stationary behaviour. Furthermore, two hours of data for a moderate
wind event and a low wind event were sub-divided. Each dataset and event was then subjected to
spectral analysis and logarithmic averaging to obtain averaged spectral density estimates for the
whole time history. Additionally, power spectral density estimates were obtained for two
selected 10-minute blocks and compared to provide insight into the sources of any peaks
identified. Lastly, rainflow counting techniques were employed to group the data from the
accelerometers into bins of similar responses for potential damage calculations.
4.3.1 Raw Data Analysis
Each data set was separated into 10-minute blocks of data. The mean, skewness, kurtosis and
root mean square (RMS) were calculated for each block. Additionally a linear relationship was
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fitted to each block and the slope was calculated to determine stationarity. The statistics for each
data block are shown for the entire time history for each set of data in Figures 4.9, to 4.11. To
clarify, foundation response data is only available for the August (DS1) data set; additionally,
only the statistics for one accelerometer, ACC1, are shown for brevity. Skewness is useful for
determining how well a normal distribution fits a set of data. The closer to zero the value of the
skewness is, the better the assumption of a normal process. Kurtosis is a useful measure of the
significance of outliers within the data set; the larger the kurtosis for each block, the more
outliers exist in the data. A smaller value of kurtosis suggests a tighter grouping of results and a
value closer to 3 is representative of a Gaussian process.
For the December (DS2) wind data it can be seen that the mean wind speed for each 10-minute
block of data was initially high and gradually reduced nearer the end of the time history, while
for the August (DS1) data set the mean wind speeds are fairly low with more moderate wind
speeds towards the centre and even some near zero wind speeds towards the end of the time
history. The skewnesses of the both December (DS2) and August (DS1) data sets are close to
zero, suggesting a reasonably normally distributed process for each block. There are some
anomalies in the August dataset, however these can be explained by the low or higher wind
conditions occurring at these times. The kurtosis for the December wind data is relatively small
and consistent between blocks. However the kurtosis for the August wind data is large at times.
Again these spikes in the kurtosis tie in with the low/zero wind speed conditions occurring.
What is interesting about the mean values of the accelerometer data is that the mean values
are slightly below zero, which was not as evident in the time history analysis. This suggests that
the foundation may be rocking with a negative bias, i.e. displacing into the soil more than it
rebounds during rocking. Much like the wind data sets, the skewness for the accelerometer
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dataset is closer to zero suggesting a normally distributed process for each block. The kurtosis
for the accelerometer data is quite large at times, which could indicate a problem with outliers
from a noisy signal. However, when considering the location of the peaks in the accelerometer
time history and the corresponding wind speeds, it is likely that the peaks are the result of the
rotor cutting in and out of power production as suggested previously. The slope of a linear line fit
to each block of data is very close to zero for all data sets, which indicates that the process can be
considered stationary and Gaussian.
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Figure 4.9 Statistics of 10 minute blocks of December 18Hr wind dataset, A) Mean B)
Skewness C) Kurtosis D) Slope E) RMS
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Figure 4.10 Statistics of 10 minute blocks of August 24Hr wind dataset, A) Mean B)
Skewness C) Kurtosis D) Slope E) RMS
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Figure 4.11 Statistics of 10 minute blocks of August 24Hr accelerometer dataset, A) Mean
B) Skewness C) Kurtosis D) Slope E) RMS
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4.3.2 Spectral Analysis
Each 10-minute block of data was filtered using a first-order Butterworth filter with a halfpower frequency of 0.5 Hz for the wind data and 10 Hz for accelerometer data to remove the
data about the Nyquist frequency. The mean and any existing trend was removed from each
block of data as well. A spectral estimate using the Welch method was computed for each block
and each spectral estimate was normalized by the variance of the underlying signal for each 10minute block. The non-dimensional frequencies were then calculated from the mean wind speed
for each 10-minute block and height of measurement, using Equation 4.2. The mean wind speed
at 80 m was 9.96 m/s for the December data set and 3.05 m/s for the August data set. The
spectral estimates were then averaged using equally spaced non-dimensional frequency bins on a
logarithmic scale and a von Karman spectrum curve fit using non-linear squares regression.
Spectral averages were calculated for each wind data set, December (DS2) and August (DS1),
and the accelerometer data. Two hour segments corresponding to a moderate wind speed and a
low wind speed were also separated and averaged from the August wind and accelerometer data.
The mean wind speed for the moderate event was 5.46 m/s and the mean wind speed for the low
event was 3.21 m/s. The averaged spectra are provided below in Figure 4.13.

Where:
n is the non-dimensional frequency

𝑛𝑛 =

𝑓𝑓∗𝑧𝑧
�
𝑢𝑢

f is the frequency in Hz
z is the height of wind speed measurement in m and

𝑢𝑢� is the mean wind speed in m/s.

The von Karman spectrum is given by:
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(4.2)

Where:

𝑆𝑆(𝑛𝑛) =

𝑎𝑎∗𝑛𝑛

(1+𝑏𝑏∗𝑛𝑛)5/3

(4.3)

S(n) is the spectral density,
n is the non-dimensional frequency and
a and b are coefficients.

Bas et al. (2013) generated a spectral density estimate from strain gauges installed on the wind
turbine tower, and their findings are provided below in Figure 4.12 for comparison.

Figure 4.12:Spectral density estimates generated by Bas et al. (2013) from strain gauge
readings on turbine tower.
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Figure 4.13 Normalized averaged spectra for A) August wind data B) August accelermeter
data C) August wind data in log-log space D) August accelerometer data in log-log space E)
December wind data F) December wind data in log-log space
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From Figure 4.13 it can be see that the averaged wind spectra follows a classic pattern and
comparing the August and December wind spectra it can be seen that the peak skews to the right
with higher larger averaged wind speed. The von Karman fit coefficients are a= 9.38; b=17.07
for the August dataset (DS1) and a=7.795; b=10.13 for the December dataset (DS2). The
maximum value of the von Karman spectrum for the August dataset is 0.18 occurring at a nondimensional frequency of 0.09, whilst the maximum value of the von Karman spectrum for the
December dataset is 0.25 occurring at a non-dimensional frequency of 0.145. A measure of
appropriateness for a von Karman spectrum is that the high frequency end of the spectrum
should approximate to a straight line with a slope of -5/3, or approximately -1.67. For both the
August dataset (DS1) and the December dataset (DS2) a linear fit for the straight line portion of
the spectra was found with an R2 0.98 and 0.99 respectively. The slope of the straight line
portion was found to be -.12 and -.17 for the August dataset (DS1) and December dataset (DS2).
These values are not equivalent with the expected slope of -5/3, it has been suggested by
Morfiadakis et al. (1996) that the topography and wake effects that can be present in wind farms
are not accurately modeled by the von Karman spectrum, which could be a reason for the poor
compliance.

The accelerometer spectra are quite interesting. In linear space a large peak is noticeable around
the non-dimensional frequency of approximately 60. This corresponds to a frequency of 2.29 Hz.
Comparing this to the findings of Bas et al. (2013) shown in Section 2.8, this is very close to the
2nd natural frequency of the tower they identified. In log-log space a second peak is also
noticeable occurring at approximately a non-dimensional frequency of 0.3, which translates to a
frequency of 0.011 Hz. No such peak was identified by Bas et al. (2013), however filtering and

107

curve smoothing techniques could have masked this peak, and additionally the data was gathered
from a non-spinning turbine monitoring the decaying movement after an emergency stop. What
is interesting is that the fitted logarithmically averaged curve indicates a peak at a nondimensional frequency of approximately 10, which translates to a frequency of 0.38 Hz. This
value is very similar to the 1st natural frequency of the tower identified by Bas et al. (2013).

Averaged spectra were generated for the low and medium wind speed events. The spectra are
presented by frequency and non-dimensional frequency in linear space and log-log space in
Figures 4.14 and 4.15 respectively. By comparing the spectra in this manner, it allows peaks that
are dependent on the wind speed to be identified as the location of the peaks should migrate with
changing wind speed. What can be noticed is that for the higher wind speed, the magnitude of
lower frequency peak identified previously (0.011 Hz), has been reduced to below the magnitude
of the higher frequency peak at 2.29 Hz. This suggests that the contributions to this peak are the
result of wind speeds below power production speeds. Otherwise the peaks and general shape of
the spectra are very similar between the wind events, suggesting that the wind speed is not a
major factor in the generation of the peaks in the spectra and are likely related to dynamics of the
tower and other components.
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Figure 4.14: Averaged spectral density estimates for accelerometer data for A) Low wind
event B) Normalized low wind event C) Moderate wind event D) Normalized moderate
wind event
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Figure 4.15: Averaged spectral density estimates in logarithmic space for accelerometer
data for A) Low wind event B) Normalized low wind event C) Moderate wind event D)
Normalized moderate wind event
A typical 10-minute block of data for each accelerometer was selected at random and spectra
were generated using the Welch method. These spectra are provided in Figure 4.16 for ACC1
and Figure 4.17 for ACC2. A similar response between the two accelerometers is noticed. ACC2
has a larger magnitude than ACC1. This can be explained by the location of the accelerometers
where ACC2 is measuring in the N-S direction, which, was the prominent direction of the wind.
An additional peak occurring at approximately 6.5 Hz is evident in both spectra. This could
potentially be a blade crossing frequency and would not have been identified by Bas et al.
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(2013), as their study was conducted while the blades were locked out. A modal frequency of
approximately 6.1-6.3 Hz (depending on stiffness estimation) was identified during the Rayleigh
Ritz analysis (detailed in Appendix C). This frequency is related to the 5th mode shape.

To further isolate and identify peaks in the spectra and enable detection of potential damage from
spectra directly, further studies and a larger collection of data needs to be gathered. Sources of
peaks could potentially be identified by collecting time histories from different controlled
scenarios such as: turbine blades locked out, and cooling system operating/not operating. More
specialized filtering techniques to improve signal resolution can be developed and long-term
monitoring of the changes of the dynamic response of the tower can be achieved. This will create
the basis for a structural health monitoring system that would allow for determination of the
status of the turbine foundation throughout its lifetime.
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Figure 4.16: Spectral density estimate for single 10 minute block of data from
accelerometer 1 (E-W direction)
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Figure 4.17 Spectral density estimate for single 10 minute block of data from accelerometer
2 (N-S direction)
4.3.3 Rainflow Counting of Foundation Response
Rainflow counting is a convenient method of reducing a signal into a grouping of like
amplitudes. It is commonly used in fatigue analysis and typically precedes fatigue estimations by
other methods such as Miner’s law. Rainflow counting methods were employed here to group
similar rotational cycles into bins. This allows for the categorization of strain levels on the
underlying soil. The rainflow counting algorithm in Matlab was used for the present analysis. In
essence the algorithm analyzes the signal and separates the local maximum and minimum values
of the signal based on the sample frequency. The values are then sorted into the specified number
of evenly spaced bins. The result is presented in a histogram with the number of values in each
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bin illustrated. The resulting histograms for Accelerometers ACC1 and ACC2 for the August
(DS1) data set are shown in Figure 4.18 and 4.19 respectively.

Figure 4.18: Rainflow count histogram for accelerometer 1 data
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Figure 4.19: Rainflow count histogram for accelerometer 2 data
When presented in this form the signals from Figures 4.7 and 4.8 are much easier to analze. As
expected there is a large number of small rotations with a small number of larger rotations. A
Rayleigh distribution was fitted to the histogram data with the statistics shown in each figure.
Also in each figure is the significant cycle rotation, SCR. This is analogous with significant wave
height, which is a term from the realm of physical oceanography and is defined as the mean
response of the highest third of the measured values. While typically applied to the height of
ocean waves it has been suggested by Liu and Pinho (2012) that an expected maximum value
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from a Rayleigh distribution based on this value can be computed and is useful for typical
foundation response estimates. The expected maximum value for a given number of cycles is
calculated using Equation 4.4.
ln(𝑁𝑁) 1/2
]
2

𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚 = [

∗ 𝜃𝜃𝑆𝑆𝑆𝑆𝑆𝑆

(4.4)

Where 𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚 /𝜃𝜃𝑆𝑆𝑆𝑆𝑆𝑆 is the ratio of the maxmium rotation to the ‘significant cycle rotation’ value of

rotation and N is the number of cycles. The SCR was found to be 0.023 and 0.032 degrees for
acclerometers 1 and 2 respectively. Estimating the number of loading cycles from the lengths of
the dataset (N ~ 28000) and using the approximate natural frequency of the tower of 0.322 Hz as
reported by Bas et al. (2013), the maximum response rotations were found to be 0.046 and 0.062
degrees for accelerometer 1 and 2 respectively. These values correspond well with the
maximum values in the histograms and the Rayleigh distributions in Figures 4.17 and 4.18
respectively.
Using trigonometery and the known dimensions of the foundation it is possible to convert the
measured angle of rotation of the foundation into linear foundation movements. This approach
assumes that the foundation is rigid and thus does not deflect intself. This is not nesessarily the
case and the foundation may deflect with the imposed loads, but given the high amounts of
reinforcement in the foundation these deflections should be very small. The foundation
displacments are obtained using Equation 4.5.

ℎ = 𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅(𝜃𝜃)

(4.5)

Where h is the displacement at the edge of the foundation edge and θ is the angle of rotation in
degrees. The value of R= 9.5 and corresponds to the radius of the foundation in meters. From the
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maximum expected angle of rotation computed from the SCR, the maximum vertical
displacement using Equation 4.5 is 0.0103 m.
4.4 Comparison with Numerical Approaches
Det Norske Vertitas (DNV) provides one of the most comprehensive guides for wind turbine
foundation design and suggests the use of numerical and analytical methods for evaluating
foundation performance for design. The DNV (2010) guideline provides foundation stiffness
estimates for shallow gravity based wind turbine foundations. A summary of the pertinent
equations is given in Section 2.2 and the relationship for rocking stiffness is shown in Equation
4.6 below.

𝐾𝐾𝑅𝑅 =

8𝐺𝐺𝐺𝐺 3

4(1−𝑣𝑣)

(1 +

𝑅𝑅

6𝐻𝐻

𝐷𝐷

𝐷𝐷

)(1 + 2 )(1 + 0.7 )
𝑅𝑅

𝐻𝐻

(4.6)

Where,
G is the shear modulus,
v is the Poisson’s ratio,
R is the radius of the foundation,
H is the depth to bedrock or the next soil layer and
D is the embedment depth.

The foundation rotation for applied moments up to the design maximum were estimated using
the approaches of DNV (2010), Bell (1991) and Borowicka (1943). The latter two methods are
described in Section 2 (Equations 2.22 and 2.23) and the results are shown in Figure 4.20. For
the calculations the soil was considered to be a homogenous layer with a shear modulus ranging
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from 60-80 MPa (to capture the uncertainty in the insitu stiffness measurements seen in Figure
B.2) a Poisson’s ratio of 0.49 and the foundation embedment, D, was 3 m.
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Figure 4.20 Numerical estimations of foundation rotation from applied moment (MNm)

Refering to Figure 4.6, the estimated maximum base bending moment for the mean wind speed
of 3.05 m/s for the August data set (DS1) is 8 MNm. From Figure 4.20 the estimated rotation
from all of the approaches ranges from approximately 0.0009 to 0.0019 degrees. The majority of
the measured foundation responses from the rainflow count fall into the bin which includes this
range, which is promising. It is also worth noting that these numerical approaches are designed
for static rotations and depending on the frequency of loading may not be wholly appropriate.
A comprehensive fininte element model of the KEPA 4 wind turbine foundation has also been
constructed in ABAQUS by Deshpande (2016) and some of this data is provided here for
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comparison. The foundation was idealized as a circle with a diameter of 19 m. The soil was
represented by a mesh of 65400 nodes and 62200 elements. The mesh utilized three-dimensional
eight node condtinuum elements. Boundary conditions were set such that the foundation was 3
times the diamater from vertical boundarys with roller support conditions. The mesh extended to
a depth of twice the diameter and was considered fixed. Boundary conditions and a depiction of
the soil mesh are shown in Figure 4.21.

Figure 4.21: Boundary conditions and mesh representation of FEM model, Deshpande
(2016).
The soil was modelled using a linear elastic-perfectly plastic material with Mohr-Coulomb
failure criterion and was considered to be a homogeneous layer with an undrained shear strength
of 85 kPa and a Young’s modulus of 210 MPa. This Young’s modulus corresponds to a shear
modulus of 70 MPa, which is an average of the range used in the numerical approaches. These
values are consistent with the parameters for the unweathered till layer reported by Tyldesley and
Newson (2016). The results of the analysis are provided in Figure 4.22 and are presented as a
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fraction of ‘working’ load and ‘extreme’ load. Deshpande (2016) considered a ‘working’ load
condition to be comprised of a vertical force of 2900 kN, a horizontal force of 900 kN and a
moment of 42000 kNm. The extreme load case comprised of a vertical force of 2900 kN, a
horizontal force of 1100 kN and a moment of 76200 kNm. The estimated base bending moment
based off the mean wind speed of 3.05 m/s for the August data set (DS1) is 8 MNm, which is 19
% of the ‘working’ load condition presented.
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Figure 4.22: FEM estimated rotation from fraction of load applied. Desphande (2016)
The estimated rotation for 19 % of the ‘working’ load from the FEM analysis is approximately
0.0017 degrees. This value falls into the range estimated by the numerical approaches of 0.0009
degrees to 0.0019 degrees. Again these values fall into the most densely populated bin from the
rainflow count of the August data set DS1, suggesting that measured field data is reasonable
when compared to the numerical and FEM analysis approaches.
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4.5 Summary
A description of the data field sets collected has been provided and the details of the analysis of
those data sets have been described. Wind and accelerometer data was separated into 10-minute
blocks and statistics were calculated to verify stationarity. Spectral averages for the entire data
set and select two hour wind events were computed and analyzed. Peaks in the spectral density
estimates were identified as natural frequency modes of the tower and confirmed with studies
conducted by Bas et al. (2013). Two single 10-minute blocks for both accelerometers were
compared against each other and their normalized frequency counterparts were investigated to
determine the sources of peaks. No significant differences were noticed between the two
accelerometers. The data and the developed methodologies may provide the basis for a structural
health monitoring system. Additional data measurements are required to improve spectral
analysis through a long-term database and the development of appropriate filters. Rainflow
counting techniques were used to group foundation response data into rotation amplitude and
frequency of events, to be used for fatigue estimations. The estimated maximum vertical
displacement calculated from the significant cycle rotation of the rainflow count was found to be
0.0103 m. Numerical estimations of the foundation rotation using elastic methods were
compared to the measured values with some success. Comparisons with the FEM model also
yielded a similar result to the numerical estimations, both of which correspond to the patterns
depicted in the rainflow count. This suggests that the foundation rotations measured in the field
are reasonable compared to the best available predictive methods.
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Chapter 5: Laboratory Data Analysis Results
To better understand the cyclic soil-structure interaction behaviour of the wind turbine
foundation and to quantify the fatigue damage accumulating in the underlying soil below the
foundation, a series of high quality stress-strain laboratory tests were conducted. These tests
included a means of quantifying the degradation of the soil with respect to the applied stresses
and strains. An appropriate approach from the literature is triaxial test determination of the
degradation index and parameter. For the glacial till layers underlying the foundation, both
degradation measures were estimated using a range of laboratory triaxial tests. A relationship
between degradation, stress and strain for different stress states was also created. The effect of
loading frequency on the degradation parameter was also examined by comparing cyclic tests of
similar strains, with higher and lower frequencies of loading. Base line shear strength tests and
verification of the SHANSEP approach were evaluated from monotonic triaxial compression
tests. The monotonic triaxial compression tests also included the use of bender elements for the
determination of small strain elastic moduli. The details and results of these tests are described in
this chapter.
5.1 Monotonic Triaxial Tests
Initially monotonic compression triaxial tests were conducted at three different stress levels
corresponding to an OCR of 1, 2 and 4. Tests were conducted on samples approximately 20 m
below grade, corresponding to 1B below soil the surface, where B is the width of the turbine
foundation. The goal of these tests was to characterize the shear strength parameters of the soil
(for samples that were not subjected to repetitive loading), to gather further information on the
stress-strain behaviour and to justify the use of the SHANSEP method for the glacial till layer.
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The monotonic triaxial tests also included the use of bender element transducers to obtain
estimates of small-strain elastic moduli. Monotonic triaxial compression tests were also carried
out on some samples after cyclic loading to evaluate changes in shear strength. The consolidation
stress levels for the monotonic triaxial tests are shown in tabular format Table 5.1 and graphical
form in Figure 5.1; the stress states corresponding to overconsolidation ratios of 1, 2 and 4 are
also shown for reference. The preconsolidation pressure was found by Tyldesley and Newson
(2016) using a high quality oedometer test on a sample from 20 m below grade in the same
borehole. The behaviour of the glacial till in void ratio-p’ space from triaxial tests is provided in
Figure 5.2.
From Figure 5.2 it can be seen that the normal compression line for tests Bender 2 and Bender 3
follow similar paths, as do the reloading curves for each sample. The test Bender 4 normal
compression line has a similar slope to the Bender 2 and 3 counterparts; however the initial void
ratio differs. This can be attributed to slight variations in stress history, material composition or
disturbance between samples and is a partial motive for using the SHANSEP approach to
normalize samples.
Table 5.1 Consolidation phases for the monotonic triaxial tests
Test ID

OCR at Preconsolidation
Shear
Pressure (p c , kPa)

Consolidation Pressures (p', kPa)

Bender 2 4

360

50, 125, 200, 275, 350, 425, 500, 720, 360, 180

Bender 3 1

360

300, 720, 360, 180, 720

Bender 4 2

360

360, 575, 650, 720, 360
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Figure 5.1 Consolidation phases for monotonic triaxial tests
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Figure 5.2: Void ratio-p' space for isotropic triaxial consolidation stages
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The critical state parameters λ, κ and N from this data are found to be 0.6918, 0.02136 and 0.653
respectively. λ was calculated as the slope of the Normal Compression line in Figure 5.2, which
can be represented by Equation 5.1 , κ was calculated as the slope of the unloading reloading
line. N is the intercept of the Normal Compression line at p’ of 1 kPa. These compare to the
results of Tyldesley and Newson (2016) of 0.38 to 0.48, 0.007 to 0.012 and 0.585 to 0.655 for λ,
κ and N respectively.

𝑒𝑒 = 𝑁𝑁 − λ ∗ ln(𝑝𝑝′ )

(5.1)

Where e is the void ratio, p’ is the effective Cambridge stress.

5.1.1. Stress Paths
The stress paths for the monotonic tests are shown below in Figure 5.3. The stress paths are
plotted with the estimated location of the critical state line (Tyldesley and Newson, 2016) given
by Equation 5.2.

q = M ∗ p’

(5.2)

Where M is the slope of the CSL and given by Equation 5.3:

𝑀𝑀 =

6𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠′

3−𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠′

(5.3)

Where ϕ’ is the effective angle of friction.

Tyldesley and Newson, (2016) determined the effective friction angle of the unweathered till
layer to be approximately 26°, which in turn yields an M value of approximately 1.03.
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Figure 5.3: Stress path in q:p’ space with critical state line for compression shear phases
The critical state line for the present set of tests is shown for comparison. The slope of the CSL,
M is 1.15 and the corresponding effective angle of friction is 28.8°.
The pore pressure and deviator stress behaviour with respect to strain are shown in Figures 5.4
and 5.5 respectively. The stress paths, pore pressure and deviator stress relationships are also
shown for the post-cyclic shear stages in Figures 5.6, 5.7 and 5.8.

126

450
400
350

Excess PWP, (kPa)

300
250
OCR 1

200

OCR 2

150

OCR 4

100
50
0
-50
0

5

10

Axial Strain (%)

15

20

25

Figure 5.4: Excess pore pressure Vs. axial strain for monotonic triaxial tests
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Figure 5.5: Axial strain-deviator stress relation for monotonic triaxial tests
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The excess pore pressure-strain relationship is typical for overconsolidated clays. The pore
pressure builds initially and begins to decreases due to attempted dilatancy as the stress path
begins to curve. Negative excess pore pressures are generated in the case of the OCR 4 stress
state, which is typical for more heavily over-consolidated clays (Head, 1998). Similar patterns
are observed in the post-cyclic sheared samples as well.
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Figure 5.6: Stress paths for post-cyclic shear tests
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Figure 5.7 Excess pore pressure for post-cyclic shear tests
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Figure 5.8 Deviator stress vs. axial strain for post-cyclic shear tests.
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5.1.2. Shear Strength
The undrained shear strength of the unweathered till for the monotonic compression triaxial tests
was estimated from the peak deviator stress during shearing and is compared with the findings of
Tyldesley and Newson, (2016) below in Table 5.2. Values of undrained shear strength have been
normalized by the consolidation pressure. It should be noted that the tests conducted by
Tyldesley and Newson were not conducted using the SHANSEP method and the OCR was
determined from in-situ preconsolidation pressure and consolidation pressure at shearing.
Furthermore, the consolidation pressures used in those tests were also much lower than the
current tests.
Table 5.2: Comparison of Undrained Shear Strength/Consolidation Pressure
OCR
1

Kiss (S u /σ’ v )
0.44

Tyldesley and Newson (2016) (S u /σ’ v )

1.8
2

0.64
0.82

2.1

0.46

2.7

0.73

4

1.13

It is apparent that the shear strengths obtained from the current tests are much larger than the
previously reported data by Tyldesley and Newson, (2016), which represent the insitu stress
history. This is to be expected since the consolidation pressures used are much higher and the
stress state was controlled using the SHANSEP method.
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The measured shear strength of the monotonic triaxial tests and the triaxial shear compression
tests on post-cyclically tested samples is compared in Figures 5.9 a-c for OCRs of 1, 2 and 4
respectively.
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Figure 5.9 a) Static shear and post-cyclic shear comparison for OCR 1
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Figure 5.9 b) Static shear and post-cyclic shear comparison for OCR 2
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Figure 5.9 c) Static shear and post-cyclic shear comparison for OCR 4
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For the stress state of OCR 1, the shear strength apparently decreases marginally post-cyclic
state. In this case, all cyclic tests were conducted at the same level of strain (0.1%), with
different frequencies. One observation is the decrease in shear strength for the post-cyclic test
Freq 1 (0.1 Hz). The frequency of cycling for this test was lower than that of the other two cyclic
tests. What is also interesting is the other frequency test, Freq 2 (1 Hz), was at a faster frequency
of cycling and yielded only small changes in shear strength. The effect of frequency on cyclic
behaviour will be discussed in more detail in Section 5.3.4.
For the stress state of OCR 2, with the exception of test Cyclic 7, the shear strength also
decreased after cycling and decreased the most with test Cyclic 11 which involved many cycles
of varying strain levels. The stress state of OCR 4 does not follow the same pattern as the
previous two stress states. With all of the tests, the shear strength increased after cycling. This
phenomenon may be attributed to natural variations within the soil samples or potential changes
in anisotropy or structural fabric with cycling; further testing would validate the results.
5.1.3. Verification of SHANSEP
The SHANSEP approach can only be applied to relatively uniform clays, which show
‘normalized behaviour’ (Head, 1998). Using the SHANSEP approach for this study allows for a
relationship between stress state and degradation to be established. Demonstrating that the
unweathered till layer exhibits normalizable behaviour will justify the comparison of triaxial
tests from slightly different depths and will allow future tests to be conducted on different
samples that are from a wider range of depths; providing they are normalized using the
SHANSEP procedure. This practice was used by Vucetic (1987, 1988 & 1989), whilst
investigating the degradation of marine clays under repetitive loading.
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A typical check for a soil exhibiting normalized behaviour involves normalizing the deviator
stress with respect to preconsolidation pressure (Head, 1998). This relationship is then plotted
with shear strain for a number of triaxial tests. If the curves tend to a single form then
normalizeable behaviour is present. In reality, no soil can exhibit perfect normalization, thus
curves are compared to the mean curve for a series of tests (Head, 1998). Figure 5.10 shows the
unnormalized stress-strain relationship for the triaxial tests consolidated to an OCR of 1, 2 and 4.
The stress is then normalized with respect to the preconsolidation pressure; this relationship is
shown in Figure 5.11 along with the ‘mean’ stress-strain path. In this case the preconsolidation
pressures are all the same because of the procedure used to achieve the desired OCR.
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Figure 5.10: Deviator stress Vs. axial strain for 3 monotonic compression triaxial tests
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Figure 5.11: Normalized deviator stress Vs. axial strain with average normalized deviator
stress.
For the unweathered till it is apparent that the stress-strain relationship does not quite follow the
‘perfect’ normalized behaviour, however the higher two stresses show a reasonable comparison.
It was suggested by Head (1998) that agreement of the higher stresses is more important than the
lower stresses, thus enforcing the hypothesis of normalized behaviour for the glacial till.
Isotropic consolidation was used to achieve the desired stress states. Using the modified
SHANSEP approach as detailed by Coatsworth (1985), which was summarized in Section 2.7, an
additional check can be made for normalizable behaviour. Normalizing the undrained shear
strength with respect to the isotropic consolidation pressure and comparing this ratio with the
isotropic consolidation pressure normalized by the preconsolidation pressure, should show a
curve trending to a constant value, indicating normalized behaviour. The curve for the present
data set is shown below in Figure 5.12.
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Figure 5.12: Normalized undrained shear strength and consolidation pressure
While the trend is beginning to level off it cannot be stated definitively from this check that
perfect normalized behaviour is evident. This can be caused by the isotropic consolidation
stresses not being high enough. The current tests used an isotropic consolidation stress of 2 times
the preconsolidation test. Coatsworth (1985), suggests a multiple of 1.5 to 4 times the
preconsolidation stress. The multiple 2 was chosen to be within the capabilities of the triaxial
equipment with a proper factor of safety.
Another method employed to verify the SHANSEP method is to compare the results with data
from the literature. Ladd et al. (1977) published normalized undrained shear strength Vs. OCR
data from SHANSEP procedure simple shear tests. The undrained shear strength is normalized
with the consolidation stress. To compare the results directly, the undrained shear strength has
been adjusted to reflect K 0 consolidation methods from the isotropic consolidation used. This
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alternative method was described in detail by Coatsworth (1985) and was summarized in Section
2.7. In Figure 5.13 below, the laboratory data is compared with data adapted from Ladd et al.
(1977). Adequate agreement is noticed through this comparison. It should be noted that the
deviation can likely be attributed to the use of triaxial shearing equipment in the present case and
simple shearing equipment in the case of Ladd et al. (1977). The plasticity indexes for the clays
tested by Ladd et al. (1977) are much higher than the unweathered clay till. The average
plasticity index of the unweathered clay till is 13.4 (Tyldesley and Newson, 2016), while the
plasticity indexes of the other clays ranges from 20 to 75. Furthermore, many more tests were
conducted on the clays named, clay 1 through 6, which are identified in Table 5.2, than for the
present case. In the same figure, the laboratory data is compared to an empirical relation for the
curve, the Ladd equation, as described in Section 2.6, (Equation 2.35), this is and shown below
as Equation 5.4.

𝑐𝑐𝑢𝑢 = 𝑎𝑎𝜎𝜎𝑣𝑣′ 𝑂𝑂𝑂𝑂𝑂𝑂𝑏𝑏

(5.4)

Where a and b are factors. Mayne (1988) and Jamiolkowski (1985) have suggested that the factor
a is typically 0.33 for triaxial tests on clay and b varies between 0.75 and 0.85.
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Figure 5.13: Comparison of normalized shear strength via consolidation stress with data
adapted from Ladd et al. (1977)

Table 5.3: Identification of Clays from Figure 5.13 adapted from Ladd et al. (1977)
Identification Number

Clay

1

Maine Organic

2

Bangkok Clay

3

Atchafalaya Clay

4

AGS CH Clay

5

Boston Blue Clay

6

Conn. Valley Varved Clay

The relative increase in undrained shear with OCR can also be shown with the ratio of the
undrained shear strength overconsolidated with the undrained shear strength normally
consolidated. Again the laboratory data is compared to data adapted from Ladd et al. (1977) for
the same clays as in Figure 5.13 and is shown in Figure 5.14. The differentiation is shown
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between undrained shear strength adjusted for isotropic consolidation. The clays 1-5 are
represented as a range with an upper and lower bound. The sixth clay has its own curve. There is
a much closer agreement between the laboratory data and the published data when normalized in
this manner.

The estimated curve for the Port Alma clay using the Ladd equation with

parameters a and b as 0.33 and 0.8 respectively, is plotted alongside the other data; this curve is
extrapolated to an OCR of 10 and shows a good agreement with the Ladd et al. (1977)
experimental data as well as the adjusted lab data.
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6

Lab Data
Lab Data Adjusted
2

0
1

10

OCR

Figure 5.14: Comparison of undrained shear strength normalized to normally consolidated
undrained shear strength to data adapted from Ladd et al. (1977)
5.2. Bender Element Tests
The monotonic triaxial tests incorporated the used of bender element transducers to measure
shear and compression wave velocities through the glacial till material. For each test, the samples
were consolidated in stages and shear wave velocities were measured at each stage. The samples
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were then allowed to swell to the desired stress state where shear wave velocities were also
captured. The shear wave velocities were calculated using the sample length and the software
measured the travel time. A typical source-received signal is provided in Figure 5.15, with the
latency in source and reception peaks identified. The correlation of shear wave, V s and
compression wave V p velocities with confining stress are shown below in Figures 5.16 and 5.17
respectively. In general the velocities increase with increasing stress, which would result in an
increase in stiffness with stress, and is to be expected.
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Figure 5.15: Typical bender element source/received signal
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Figure 5.16: Vs with respect to effective Cambridge stress p’
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Figure 5.17: Vp with respect to effective Cambridge stress p’
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The corresponding small strain shear modulus G o from the observed shear wave velocities is
plotted with confining pressure below in Figure 5.18. A linear regression is fit to the data with a
high level of agreement suggesting a direct linear relationship between confining stress and G o ,
which is typical.
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Figure 5.18: Go with respect to effective Cambridge stress p’
Yimsiri and Soga (2011) investigated the elastic parameters of London and Gault clay and
compared their results to those of other researchers by normalizing the small-strain shear
modulus by a function of the void ratio as proposed by Hardin and Black (1968) and shown
below as Equation 5.5. The London clay investigated by Yimsiri and Soga (2011) possessed a
plastic limit of 20% and a liquid limit ranging from 50-70%; the Gault clay was reported to have
a plastic limit of 31% and a liquid limit of 74%. The small-strain shear moduli reported by
Yimsiri and Soga was presented for London clay as Equation 5.6 and Gault clay as Equation 5.7.
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The present data is normalized using Equation 5.5 and compared to that of Yimsiri and Soga
(2011) in Figure 5.19.

Where e is the void ratio.

𝐹𝐹 (𝑒𝑒) =

(2.973−𝑒𝑒)2

(5.5)

(1+𝑒𝑒)

𝐺𝐺𝑜𝑜 = 4250𝐹𝐹 (𝑒𝑒)𝑝𝑝′0.38
𝐺𝐺𝑜𝑜 = 7150𝐹𝐹 (𝑒𝑒)𝑝𝑝′0.34

[London Clay]

(5.6)

[Gault Clay]

(5.7)

Where F(e) is a function of the void ratio from Equation 5.5 and p’ is the effective Cambridge
stress.
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Figure 5.19: Comparison of normalized small-strain shear modulus with data adapted
from Yimsiri and Soga (2011)
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From Figure 5.19 the normalized small-strain shear modulus increases with confining stress
much like the data from other researchers. In this case the slope of the relationship is slightly
steeper but still comparable to both the London and Gault Clays. The small-strain shear modulus
for the Port Alma clay can be represented by Equation 5.8.

𝐺𝐺𝑜𝑜 = 1160𝐹𝐹(𝑒𝑒)𝑝𝑝′.62

(5.8)

5.3 Cyclic Triaxial Tests
The degradation index (δ) and the resulting degradation parameter (t) were calculated for each
of the cyclic strain-controlled triaxial tests. A unique value of the degradation parameter is
obtained for each of the strain levels and compared with the OCR. A differentiation is made
between tests conducted with a single strain and tests conducted with a stepped incremental
strain levels. Normalized porewater pressure is compared for each strain level and OCR with the
number of cycles. Stress controlled tests are analyzed to find the appropriate strain associated
with failure. Strain and the shear modulus, G, are also compared for all stress controlled cyclic
tests.
5.3.1 Typical Cyclic Test Data
Typical test results of stress path, stress-strain, excess pore pressure and pore pressure-strain for
strain-controlled tests for each OCR are provided in Figures 5.20, 5.21, 5.22 and 5.23
respectively. Similar data for the remaining tests is provided within Appendix A.
Some general patterns can be ascertained from looking at the data. In regards to the stress path at
the beginning of cycling, p’ begins to degrade substantially with each cycle. As the cycling
progresses the changes between each cycle becomes less and less. This behaviour is also evident
in the changes in excess porewater pressure as seen in Figure 5.22. The initial changes in excess
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pore pressure are substantial and after relatively few cycles (approximately 500), the changes
become very gradual for the remainder of the cycles. The deviator stress decreases and a slight
yet constant rate across all cycles as can be seen in Figures 5.20 and 5.21. Across the range of
OCRs it is evident that at higher levels of OCR, the deviator stress decreases and the excess pore
pressure generated is lower. This is to be expected because the critical case, i.e. with the highest
levels of deviator stress and excess pore pressure, should occur when the sample is normally
consolidated (OCR of 1).

Figure 5.20 Typical deviator stress vs. effective Cambridge stress p'
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Figure 5.21 Deviator stress and strain for typical cyclic test A) OCR 1, B) OCR 2, C) OCR4
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Figure 5.22 Excess PWP progression with cycles for a typical cyclic test for A) OCR 1, B) OCR 2, C) OCR 4
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Figure 5.23: Excess pore pressure with respect to strain A) OCR 1, B) OCR 2, C) OCR 4
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5.3.2 Degradation Index (δ)
The degradation index of Idriss et al. (1978) discussed in Section 2.6, is represented by:

Where δ is the degradation index,

𝛿𝛿 = 𝐺𝐺𝑠𝑠𝑠𝑠 /𝐺𝐺𝑠𝑠1

(5.9)

G sN is the undrained secant shear modulus at cycle N and G s1 is the undrained secant shear
modulus of the first cycle.
Tests were conducted at the three stress states (OCRs) and the degradation index was calculated
using Equation 5.9 for cycles with a magnitude of 10. While calculation of every cycle was
possible, the changes from cycle to cycle were quite small and for ease of data processing a
representative sample of values during the cycling is shown. It has been suggested by Vucetic
(1987) that the degradation index decreased monotonically with cyclic straining, such that the
degradation index plots on a straight line on a log – log scale. An example of this is shown in
Figure 5.24a. Therefore a “family” of curves of the degradation parameter can be generated for
varying strain levels for a clay at a specific OCR. For the testing plan outlined, the clay was
subjected to varying degrees of regular cyclic strain. The family of curves for the OCRs are
shown in Figure 5.24. Some tests were conducted with increasing strain packets, therefore after
10,000 cycles the strain was increased and another 10,000 cycles commenced. Other tests were
conducted with a single level of strain for 10,000 cycles; these tests are differentiated by the
denotation ‘S’ in the figures.
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Figure 5.24 a) Degradation index curves throughout cycling for OCR 1 progressive strains
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Figure 5.24 b) Degradation index curves throughout cycling for OCR 1 single strains.
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Figure 5.24 c) Degradation index curves throughout cycling for OCR 2 progressive strains
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Figure 5.24 d) Degradation index curves throughout cycling for OCR 2 single strains
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Figure 5.24 e) Degradation index curves throughout cycling for OCR 4 progressive Strain
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Figure 5.24 f) Degradation index curves throughout cycling for OCR 4 single strain
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As predicted, the degradation index plots roughly as a straight line on a log-log scale. It is
also evident that the larger the degree of strain, the steeper the slope of each curve. One
interesting fact to note is that for small levels of strain ( i.e. 0.001% and 0.01%) in some cases,
the data yielded a positive degradation index. This would imply that the soil’s stiffness is actually
improving with increasing cycles of regular cyclic strain loading. This phenomenon could be an
artefact caused by the sensitivity of recorded values at such small strains or the potential local
dissipation of porewater pressure; however, further study will need to be completed to rule out
any measureable physical phenomenon.
One such phenomenon that has been observed throughout the study of cyclic degradation of
clays is the cyclic threshold, which implies that there is a certain level of strain above which a
clay will degrade with a relatively few number of cycles applied (Ishihara, 1996). Below this
value a large number of cycles will need to occur before degradation (if any) is evident. Based on
the behaviour observed, the cyclic threshold value for the clay tested appears to fall below 0.03
for OCR 4 and 2 and below 0.01% for OCR 1. These values are comparable to cyclic threshold
strains found previously by Vucetic (1995). Vucetic (1987) presented degradation index curves
for VNP clay at 3 strain levels on samples consolidated to an OCR 1 using the SHANSEP
method. The current data is plotted below in Figure 5.25 and can be compared with the VNP clay
data in Figure 5.26. The VNP clay or Venezuelan Clay is an offshore clay whose samples were
taken from varying depths beneath the seabed. The rate of loading used is unknown and the
number of cycles is considerably less than the current study. Similar, near linear degradation
behaviour for low numbers of cycles is observed for the clays. However the Port Alma clay
appears to be more prone to degradation than the VNP counterpart with similar patterns in
degradation for different degrees of cyclic strain. For example the VNP clay sample subjected to
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100 cycles of 5.09% strain bears similar degradation index values as the Port Alma clay with
strain levels of 1%. This may be related to the carbonate structure of the Port Alma material or
the difference in testing methods, triaxial vs. simple shear.
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Figure 5.25: Degradation index for OCR 1 tests for comparison with VNP clay

154

10000

1
0.9

Degradation Index, δ

0.8
0.7
0.6
0.5

Vucetic 5.09 %

0.4

Vucetic 1.49 %

0.3

Vucetic 0.59 %

0.2
0.1
0
1

10

100

1000

Number of Cycles, N

Figure 5.26: Degradation index for VNP clay, data adapted from Vucetic (1987)
5.3.3 Degradation Parameter (t)
Computing the slope of the straight line drawn through the degradation index curve in log-log
scale provides the degradation parameter (t). By obtaining the degradation parameter for each of
the stress states across the strains tested, it should be possible to predict the degradation
parameter and therefore the theoretical stiffness degradation for a prescribed level of strain and
number of cycles. The degradation parameter is a useful tool for measuring degradation, as it can
be used to compare the different stress states for the same level of strain, simply and directly.
The approach used to compute to the degradation parameter was to fit a line of best fit using a
least squares approach in log space and determine the slope. In order to find the line of best fit,
the data was linearized by the log base 10 and the intercept with the degradation parameter axis
was fixed to 1, as the degradation of the first cycle will always be 1. Using linear regression the
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appropriate line of best fit and the corresponding slope was then computed. The resulting
degradation parameters for each level of strain are organized into a family of curves based on
OCR, as shown in Figure 5.27.
What is interesting to note is that below 0.01% strain the degradation parameter is negative,
again suggesting soil improvement in this region. As discussed previously, this could be an
artefact attributed to the accuracy of the measuring equipment at small strains. Observable in the
curves is the sudden increase of the degradation parameter at the strain level of 0.01%. This
could be the strain level exceeding the threshold strain level causing increased damage or a
change in the structure of the soil skeleton. However without more testing it is not possible to
draw further conclusions.
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Figure 5.27: Degradation parameter corresponding to associated strains across the three
stress states
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Vucetic (1988) compiled a family of degradation parameter curves for varying overconsolidation ratios of VNP clay, consolidation using SHANSEP. The VNP clay was subjected
to fewer larger strain cycles, varying from 0.5% to over 5% shear strain. The current data is
compared below in Figure 5.28. Similar patterns in increase in the degradation pattern with
shear strain are evident between the data sets.
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Figure 5.28: Degradation parameter comparison with Vucetic, (1988) data

To isolate the effects of plasticity on the degradation parameter between the two clays, the shear
strain was normalized by the reference shear strain as presented by Vardanega and Bolton
(2011), which is a function of the plasticity, as shown in Equation 5.10.

𝛾𝛾𝑟𝑟𝑟𝑟𝑟𝑟 = 2.17 ∗ 𝐼𝐼𝑝𝑝 /1000
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(5.10)

Where:
γ ref is the reference shear strain and
I p is the plasticity index
The degradation parameter as a function of the normalized shear strain is shown in Figure 5.29.
It can be noticed that the curves start to collapse on each other, indicating that the plasticity is a
factor in degradation and offers an explanation was to why the degradation index between the
two clays is dissimilar for the same strain levels. This was observed previously by Vucetic and
Dobry (1991), who found that more damage occurred to lower plasticity clays for a given cyclic
stain amplitude.
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Figure 5.29: Degradation parameter with normalized shear strain comparison with Vucetic,
(1988) data

158

5.3.4 Normalized Pore Pressures
By monitoring the excess pore pressure within the sample during loading, an understanding of
the responses of the soil in the sample can be obtained. To compare pore pressure between
samples with varying consolidation stresses and enable comparison of results for future
investigations, the excess pore pressures are normalized by the consolidation stress such that:

𝑈𝑈𝑁𝑁∗ =

𝑢𝑢𝑁𝑁

𝜎𝜎𝑣𝑣𝑣𝑣

(5.11)

Where U* N is the normalized excess pore pressure associated with cycle N, u n is the observed
excess pore pressure associated with the same cycle, in kPa and σ vc is the consolidation pressure
in kPa.
It was found previously by Vucetic (1987) that the normalized excess pore pressure is a function
of cyclic shear strain, the number of cycles and the OCR. Thus multiple are graphs needed to
analyze the normalized excess pore pressures. For the two strain levels, 0.01% and 0.1%, a
family of curves for normalized excess pore pressure spanning various OCR values have been
generated (see Figure 5.30). These strain levels were chosen for two reasons. Firstly, from the
tests conducted, it allows relationships to be determined for 2 different states for both OCR 2 and
OCR 4 at a strain level 0.01%. Secondly, these strain levels were also used during tests with a
single loading phase, i.e. the progressive strain model was not used. This allows for the effect of
residual excess pore pressure to be examined separately.
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Figure 5.30 a) Normalized pore pressure throughout cyclic straining at 0.01%
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Figure 5.30: b) Normalized pore pressure throughout cyclic straining at 0.1%
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It can be noticed that the response of the normalized excess pore pressure during the tests for the
normally consolidated samples show excess pore pressure only increasing with loading; this is
particularly evident at larger strains. For the over-consolidated samples, however, the behaviour
was quite different. For the smaller of the two strains, the general response is a decrease in
excess pore pressure; in some cases this is even negative excess pore pressure generation. With
the larger of the strains, the pore pressure initially decreased and then began to increase. This
phenomenon was also noted by Vucetic et al. (1987) and Dobry et al. (1981). The point of
reversal for changes in excess pore pressure occurs sooner for larger cyclic shear strain
amplitudes. It is also evident that as OCR increases, so does the point of reversal for excess pore
pressure, as well as the rate of increase becoming smaller; these trends were also noted by
Vucetic (1987).
Normalized excess pore pressure can also be used to determine the volumetric threshold shear
strain, which is defined as the lower limit of shear strain for the build-up of excess pore pressure
and the linear threshold shear strain at which there is no generation of excess pore pressure
(Diaz-Rodriquez et al, 2008) . Vucetic (1994) estimated the volumetric threshold shear strain to
be approximately 0.001 % for clays; however evidence suggests that for the present case the
value is larger. Anderson and Richart (1976) concluded that the linear threshold value for clayey
soils is between 0.001% and 0.01%, while Kim and Novak (1981) suggested a linear threshold
shear strain of 0.01%. The normalized pore pressures for the normally consolidated samples for
both single loading phases and progressive loading phases have been assembled in Figure 5.31
and 5.32 respectively.
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Figure 5.31: Normalized pore pressures for all single phase strain tests for OCR 1
From Figure 5.31 it can be seen that the pore pressures did not significantly build up throughout
the 10,000 cycles for strain levels of 0.001% and 0.01%. For larger cyclic strains of 0.1% and
1%, considerable pore pressures build up; for the 1% case this actually leads to failure. This
would suggest that the volumetric threshold strain for the Port Alma material likely falls between
0.01 and 0.1%.
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Figure 5.32 Normalized pore pressure for the progressive strain tests with OCR 1
Looking at the progressive loading phase tests, we can see that again significant excess pore
pressures did not build up after the 0.01% loading, but did begin to build up throughout the
0.03% loading. There is limited excess pore pressure build up between the 0.01% and 0.03%
stages, suggesting that perhaps more cycles were needed to show significant build up in excess
pore pressure. Thus for the unweathered clayey till layer the threshold shear strain value is of the
order of 0.001%, while the volumetric strain value is estimated to be of the order of 0.01%. Both
of these values match well with the literature summarized by Diaz-Rodriquez et al (2008);
further more accurate small-strain measurements would be required to refine these values.
5.3.5 Effect of Frequency
While the majority of dynamic tests were conducted at a loading frequency of 0.3 Hz to coincide
with the fundamental sway frequency of the turbine tower, two other tests at higher and lower
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frequencies were conducted to investigate the effects of loading frequency on degradation. To
isolate the possible effect that frequency would have on degradation, each sample was normally
consolidated and the cyclic strain induced upon each sample was kept constant at 0.1% and
conducted using a single loading phase. The degradation index and the resulting degradation
parameter were calculated in the same manner as described in Section 5.3.3 and the comparison
between the frequencies is shown below in Figure 5.33.
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Figure 5.33 Comparison of degradation parameter with frequency
One would expect that the larger the frequency, the larger the resulting degradation parameter,
however the degradation parameter for the fastest frequency of 1 Hz is actually slightly less than
that of the 0.3 Hz. Mortesaie and Vucetic (2013), also investigated the effects of frequency on
cyclic degradation. Their tests were conducted on a normally consolidated clay using a simple
shear apparatus with two confining stresses, of approximately 220 kPa and 680 kPa, both of
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which are less than that of the confining stress used here, which is 720 kPa. The range of
frequencies used in their testing regime was 0.001 Hz to 0.1 Hz with 20 total cycles of loading.
Their findings are compared with the present findings below in Figure 5.34.
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Figure 5.34: Comparison of degradation parameter's frequency dependence, data adapted
from Mortesaie and Vucetic (2013).
To more closely compare the present data with Mortesaie and Vucetic’s findings the degradation
parameter corresponding to the first 20 cycles (total cycles in Mortesaie and Vucetic’s study)
was computed. The results are plotted with Mortesaie and Vucetic (2013) in Figure 5.35. Using
this approach resulted in a higher estimate of the degradation parameter than before, however the
shape of the curve more closely resembles that of Mortesaie and Vucetic (2013).
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Figure 5.35: First 20 cycles comparison of degradation parameter's frequency dependence,
data adapted from Mortesaie and Vucetic 2013.
Looking at the data from Mortezaie and Vucetic (2013), two important conclusions can be
made:
1) With increasing loading frequency an increase in degradation is generally observed and,
2) With increasing confining stress there is a decrease in degradation.
The present data follows a similar pattern with increasing frequency, however the degradation is
higher than that from the literature despite the higher confining stress. This can be attributed to
the higher number of loading cycles used, 10000 as opposed to the 20 cycles used by Mortazaie
and Vucetic (2013), the different plasticity of the clays and the use of triaxial testing instead of
simple shear testing.
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The effect of frequency on the build-up of pore pressure is also of interest. Pore pressures were
normalized with respect to confining stress in the same manner as described in Section 5.3.4 and
plotted versus loading cycles in Figure 5.36. It appears that increasing frequency results in
smaller pore pressures. Morteazie and Vucetic, (2013) also noted this phenomenon and indicated
that it seems counterintuitive and suggest that excess pore pressure build-up may not be the sole
contributor to cyclic degradation. This is reminiscent of the behaviour of excess pore pressures
observed in the overconsolidated samples, where the excess pore pressure initially decreased and
with continued cycling began to increase.
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Figure 5.36 Normalized pore pressure throughout cycling at three different cyclic
frequencies
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5.4 Stress Controlled Cyclic Triaxial Tests

Stress controlled cyclic triaxial tests were also conducted on 5 normally consolidated samples
of the unweathered clay till. The tests were conducted in an effort to better understand the
degradation behaviour of the till in response to applied load as well as determine the threshold
cyclic shear stress; doing so will help with calibrating any damage analysis of the unweather till.
The deviator stress induced on the samples was determined from the critical stress ratio, CSR, as
given by:

𝐶𝐶𝐶𝐶𝐶𝐶 =

𝜎𝜎𝑐𝑐𝑐𝑐
𝜎𝜎′3

(5.12)

Where σ cy is the cyclic stress and σ’ 3 is the confining stress.
All samples were subjected to 10,000 cycles even if failure was observed. CSRs of 0.05, 0.125,
0.15, 0.2 and 0.25 were tested. For the lowest CSR, the sample did not fail. The other tests all
eventually reached liquefaction failure. The plots of stress path, stress-strain, excess pore
pressure, strain and pore pressure-strain for a typical stress controlled test are provided below in
Figure 5.37.
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Figure 5.37: CSR 0.05 A) Deviator Stress v. Effective Cambridge p' B) Deviator Stress v.
Strain, C) Pore Pressure, D) Strain, E) Excess Pore Pressure v. Strain
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Generally the trends in Figure 5.37 are as anticipated. In regards to the deviator stress v. effective
Cambridge p’ plots, p’ decreases with cycling at an approximately constant deviator stress until
failure. The drop in deviator stress matches well with the increase of pore pressure to the level of
p’. Of note regarding the curves is that at a strain level of 0.3%, there is generally a reduction in
the CSR values for all tests, thus 0.3% represents a reasonable criteria for the occurrence of
failure for the stress controlled tests. A family of curves for the number of cycles to reach strains
of 0.1% and 0.3% for each level of CSR is plotted in Figure 5.38.
The degradation index was computed for each of the stress tests using Equation 5.9; these curves
are shown in Figure 5.39. For each curve until the point of failure, i.e. when 0.3% strain was
reached, a logarithmic regression was fitted and the slope determined to calculate the degradation
parameter, in the same fashion as described in Section 5.3.3. The relationship between CSR and
degradation index is shown in Figure 5.40.
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Figure 5.38: Cycles to reach 0.3%, 0.2% and 0.1% failure for stress controlled tests
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Figure 5.39: Degradation Index progression throughout stress controlled tests
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Figure 5.40: Degradation parameter associated with target cyclic stress ratio from stress
controlled tests
The relationship in Figure 5.40 is reasonable; with increasing CSR the degradation parameter
increases accordingly. A polynomial was fitted to the data using the method of least squares. The
equation along with the R2 is shown in Figure 5.40. Based on the R2 value, the polynomial fits
reasonably well, and could be useful in determining the degradation with an associated loading.
5.5. Apparent CSR from Strain Controlled Tests

An interesting study was conducted by Uchida and Stedman (2001) that compared the results
of CSR with respect to cycles for stress controlled cyclic triaxial tests with the ‘apparent’ CSR
observed from strain controlled cyclic triaxial tests. The apparent CSR is described by Toki et al.
(1986) as the cyclic stress ratio associated with the cyclic axial stress measured during strain
controlled loading. Uchida and Stedman (2001) found that direct comparison of stress paths
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between stress controlled tests and strain controlled tests was difficult. However, they did report
that the correlation between failure points were a good match. The apparent CSR for the strain
controlled tests conducted in the present study are provided in Figure 5.41, for each of the stress
states under investigation. Again the denotation of S represents tests that were conducted with a
single phase of loading.
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Figure 5.41 a): Apparent cyclic stress ratio observed from strain controlled tests for all
strains for OCR 1
The apparent CSR values for the various strain levels from the strain controlled cyclic triaxial
tests are compared with the observed CSR values from the stress controlled CSR tests in Figure
5.42. The apparent CSR values correspond fairly well with the CSR values from the stress
controlled tests for the initial conditions, i.e. the first few cycles. It is difficult to ascertain exactly
how well the curve represents the CSR for the rest of the cycles, however there are some
promising signs. The larger strain level of 1% resolves an apparent CSR of 0.25, which drops
rather quickly within the first few cycles; this pattern is consistent with that of the stress
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controlled test of CSR 0.25, where after 5 cycles the sample was considered to have failed. The
curves do not reach an apparent CSR of 1 in common with the stress controlled counterparts,
because of the nature of the test.
In a stress controlled test after failure, the strain (up to the machine’s limits) will always increase
in an attempt to reach the target CSR. A strain controlled test on the other hand will only reach
the maximum strain indicated despite failure occurring. In the field, degradation to the point of
failure as a result of over-loading should not occur; the apparent CSR method should provide an
adequate reference for the CSR related to the number of cycles associated with strain. This will
become invaluable when determining the total accumulated damage to a soil beneath a structure
from measurements of strain.
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Figure 5.41 b) Apparent cyclic stress ratio observed from strain controlled tests for all
strains for OCR 2
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Figure 5.41: c) Apparent cyclic stress ratio observed from strain controlled tests OCR 4
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Figure 5.42 Comparison of apparent CSR for various strains from strain controlled tests
with observed failure threshold strains for stress controlled tests for OCR 1
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5.6 Summary
The results from both monotonic and cyclic triaxial tests on the Port Alma clay have been
analyzed. Stress paths from monotonic compression were used in conjunction with comparisons
of normalized shear strength with those in the literature to validate the use of the SHANSEP
method. The results of bender element tests have been evaluated and the maximum shear
modulus (G max ) associated with small strains has been found to be 312, 182 and 140 MPa for the
stress states of OCR 1, 2, 4 respectively.
Cyclic triaxial test data of both the strain and stress controlled conditions were analyzed for
cyclic degradation. It was found that for increasing strain, the total degradation also increased.
Small strains were found to have various effects on the measured degradation of the soil. The
cyclic degradation threshold was estimated to fall below 0.01% strain. Investigating the excess
pore pressure changes for the strain levels tested suggested a linear degradation threshold of
0.001%, below which excess pore pressures will not be generated and a volumetric cyclic
threshold of 0.01%, which results in generation of pore pressures but no accumulation. It was
also found that with increasing frequency of loading, the degradation also increased. The failure
point in stress controlled tests was found to correspond with an associated strain of 0.3% and a
cyclic shear threshold of CSR 0.05 is suggested. The degradation associated with CSR was also
estimated. The apparent CSR generated in strain controlled tests was compared to the CSR
measured in stress controlled tests and a satisfactory agreement was found, suggesting the
possibility of associating number of cycles at a particular strain level to a CSR and then
estimating the value of soil degradation.
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Chapter 6: Application of Field and Laboratory Data
In Chapter 4, a study of full-scale field data on the wind environment and foundation response of
a commercial wind turbine has been described. The response of the foundation has been
compared to numerical and finite element models with satisfactory comparisons. A relationship
between the wind loading and foundation movements and soil displacements has been created.
Soil beneath the foundation has undergone sophisticated stress-strain laboratory testing to
ascertain the fatigue effects of repeated cyclic loading beneath the wind turbine foundation. The
degradation index for a range of stress states, loading frequencies and strain levels has been
evaluated and reported. The field and laboratory research has been combined, to generate a
procedure for the estimation of soil fatigue beneath the wind turbine foundation. This concept
will be explored further in this chapter and will be expanded to encompass theoretical lifetime
estimates of soil degradation and foundation performance. The applications and limitations of
this approach are discussed.
6.1 Foundation Soil Damage Estimation
6.1.1 Overview of Procedure
While being able to monitor the foundation response to wind loading is valuable in itself, being
able to quantify the accumulated degradation on the soil beneath the foundation during extreme
events and longer-term will be invaluable for monitoring the performance of the foundation
system throughout the life cycle and could potentially serve as a means to extend the design life
of the asset of or provide information for the reuse of the foundation after the initial turbine life
cycle is complete. The cyclic triaxial testing described in Section 5 led to the characterization of
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a relationship between strain, stress state and the degradation parameter t, for the underlying
carbonate clay till. A summary of the results are illustrated in Figure 6.1. A curve fit for the three
OCRs tested was plotted and is shown in Figure 6.2.
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Figure 6.1: Degradation parameter corresponding to associated strain across the three
stress states
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Figure 6.2: Degradation parameter t for normalized shear strain showing fitted curve for
averaged stress state response.
From Figure 6.2 the relationship between the normalized shear strain and degradation parameter
represented by Equation 6.1

𝑡𝑡 = 𝑎𝑎 ∗ ln �

𝛾𝛾

𝛾𝛾𝑟𝑟𝑟𝑟𝑟𝑟

Where:
t is the degradation parameter,
γ is the level of strain in %,
γ ref is the reference shear strain in %, and
a,b are fitting coefficients.
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� + 𝑏𝑏

(6.1)

Recapping from Section 5 the reference shear strain as presented by Vardanega and Bolton
(2011), which is a function of the plasticity, can be represented by Equation 6. 2.

Where:

𝛾𝛾𝑟𝑟𝑟𝑟𝑟𝑟 = 2.17 ∗ 𝐼𝐼𝑝𝑝 /1000

(6.2)

γ ref is the reference shear strain and
I p is the plasticity index
The plasticity index for the Port Alma carbonate clay till is 13 and the corresponding reference
shear strain is 0.028%.
To reiterate, the degradation index can be related to the degradation parameter using Equation
6.3

Where:

𝛿𝛿 = 𝑁𝑁 −𝑡𝑡

(6.3)

δ is the degradation parameter and
N is the number of cycles at a given strain
If we let ξ represent ln(γ/γ ref ) then Equation 6.2 can be rewritten as Equation 6.4:

𝛿𝛿 = 𝑁𝑁 −[𝑎𝑎∗𝜉𝜉+𝑏𝑏]
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(6.4)

The degradation parameter can then be used to determine the reduction in the secant shear
modulus G using Equation 6.5.

Where:

𝛿𝛿 = 𝐺𝐺𝑠𝑠𝑠𝑠 /𝐺𝐺𝑠𝑠1

(6.5)

G sN is the secant shear modulus at cycle N and
G s1 is the secant shear modulus at the first cycle
During the laboratory testing it was found that at strains below 0.001% no noticeable degradation
occurred. This suggests the threshold strain value of the Port Alma clay is between 0.01% and
0.001%, after which, degradation will begin to occur. This value is consistent with those found in
the literature such as Anderson and Richart (1976), Kim and Novak (1981) and Vucetic (1994)
who estimated threshold stains for clayey soils to fall within 0.001% and 0.01%. In the absence
of furthering testing, extrapolation of the relationship of the degradation parameter t (Equation
6.1) to t=0, can be utilized; the corresponding normalized shear strain is 0.4754. The reference
shear strain for the Port Alma till is 0.02821%, yielding a shear strain threshold of 0.0134%. It
may be possible in the future to measure the reduction in the shear modulus up to this value by
using other small strain dynamic tests, such as resonant column triaxial tests or cyclic triaxial
tests with high precision Hall effect local displacement transducers. For the present research a
standard numerical model will be used to formulate the initial portion of the shear modulus
reduction curve. Vardanega and Bolton (2011) used a hyperbolic model to represent the
reduction in shear modulus as a function of the normalized shear strain. This model of the secant
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shear modulus reduction ratio G/G o with stain can be represented by Equation 6.6 and is shown
in Figure 6.3.
𝐺𝐺

𝐺𝐺0

=

1+(

1

𝛾𝛾

𝛾𝛾𝑟𝑟𝑟𝑟𝑟𝑟

(6.6)

)0.74

G 0 can be obtained from the relationship for Port Alma clay in Section 5, as a function of the
void ratio and effective Cambridge stress, shown as Equation 6.7.
𝐺𝐺0 = 1160𝐹𝐹(𝑒𝑒)𝑝𝑝′

0.62

(6.7)

1
0.9
0.8
0.7

G/Go

0.6
0.5
0.4
0.3
0.2
0.1
0
0.00001

0.0001

0.001

0.01

0.1

1

10

100

1000

γ/γref

Figure 6.3: G/G 0 reduction with normalized shear strain according to the Vardanega and
Bolton (2011) hyperbolic model
The reduction in G corresponding to the threshold strain of 0.0134% is 0.634. After this point the
reduction in G at each location below the foundation will be considered to be represented by the
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cyclic event and computed using Equation 6.4. As an example, a point 3 m below the foundation
edge with G 0 = 126 MPa, has been considered and the degradation index using Equation 6.3 for
various numbers of cycles (N=1, 10, 100) was computed for a strain of 0.1%. The resulting G/G 0
for each degradation index is shown below in Figure 6.4.
An important aspect to consider when applying the experimental data to the in-situ situation is
the drainage conditions. In this study laboratory tests were conducted for an undrained case and
tests with progressively increasing strain packets were not allowed to drain between cycling.
Pore pressures built up slowly for smaller strains and more quickly for larger strains, for the case
of increasing strains pore pressures during those tests continued to build as shear strain
increased. There trends were also noted by Kokusho et al. (1982) for multistage cyclic triaxial
tests. In the field, while an undrained condition may be suitable for a storm or extreme wind
event causing larger strains for a period of time, however inevitably drainage will occur and
excess pore pressures will eventually reduce. As the pore pressures decrease the reduction in
shear modulus will recover, assuming no permanent degradation occurred, to the pre-storm state
(dependent on how much consolidation occurs post-loading). It has been suggested by Vucetic
(1994) that there exists a volumetric cyclic threshold strain where for strains below this range,
this shear modulus reduction is fully recoverable. The present testing regime did not allow for
this value to be determined, however Hsu and Vucetic (2004 & 2006) identified the volumetric
threshold strains for clays having a plasticity index of 14 to 30 being in the range of 0.024% to
0.06% (beyond which permanent damage occurs)
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Figure 6.4: Example degradation of shear modulus with cyclic shear strain
By combining the field measurements and the degradation relationships above, an approximate
procedure for estimating the damage from a time history of the foundation response has been
created. The procedure assumes that no drainage occurs throughout the time history; this is a
reasonable assumption if the time history represents a period of intense foundation movements
with significant degradation such as a storm or a high wind event. The procedure is described
below:
1) Obtain the time history of the foundation response from the field equipment for the
period of interest;
2) Perform a rainflow count on the time history to group responses into bins of similar
magnitude;
3) Determine the induced strains at depths of interest below the foundation;
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4) Use Equation 6.1 to compute the degradation parameter from the induced strains;
5) Determine the resulting degradation index from Equation 6.3 and number of cycles from
rainflow counting;
6) Compute G 0 from Equation 6.8, reduce by 0.634 to correspond with the threshold strain
reduction. Compute further reductions in G using Equation 6.3.
6.2 Damage Estimation for 24 Hour Period
Using the procedure outlined in Section 6.1, the estimated degradation of the shear modulus of
the underlying carbonate clay throughout the August (DS1) 24 hour time history has been
computed. Although the dataset is for a low wind speed event, likely not allowing for significant
excess pore water pressures to build up, to demonstrate the method, the time history will be
treated as an 24 hour storm where no significant drainage occurred. Following the procedure:
1) The time history for the foundation response measured by accelerometer 1 is obtained
and shown below in Figure 6.5.
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Figure 6.5: Foundation response time history recorded by accelerometer 1 for August 24
hour dataset
2) Recapping from Section 4.3, the rainflow count of the time history was obtained, shown
in Figure 6.6.
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Figure 6.6 Rainflow count histogram of foundation rotations for accelerometer 1 data
As discussed in Chapter 4, using trigonometery and the known dimensions of the foundation it is
possible to convert the measured angle of rotation of the foundation into linear foundation
movements. This approach assumes that the foundation is rigid and thus does not deflect intself.
The foundation displacments from the above rainflow counted rotations are obtained using
Equation 6.8 and provided below in Figure 6.7.

ℎ = 𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅(𝜃𝜃)
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(6.8)

Figure 6.7 Rainflow count of foundation displacements
Only cycles above the identified threshold strain value of 0.0134 % will be considered to cause
degradation.

3) The corresponding strains at varying depths below the foundation are obtained from the
comprehensive finite element analysis conducted by Deshpande (2016), and discussed in
Section 4. The strain below the foundation for increasing applied foundation
displacements are provided in Figure 6.8. Values of strain between the calculated
increments of induced foundation displacement will be linearly interpolated. The
estimated soil shear strains at depths of interest below the foundation are tabulated below
in Table 6.1.
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Figure 6.8: Foundation edge displacement profile for increasing levels of applied strain
(found from the finite element model)
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Table 6.1: Estimated soil strain at depths of interest below grade
Vertical Foundation
Edge Displacement
(m)
(Rotation Angle, °)
Depth Below Grade

0.002
(0.012)

0.004
(0.024)

0.006
(0.036)

0.008
(0.048)

0.01
(0.06)

0.012
(0.072)

0.014
(0.084)

Shear Strain below Foundation Edge (%)

3.6 m

0.035

0.071

0.106

0.141

0.176

0.188

0.375

4.5 m

0.017

0.032

0.052

0.087

0.631

0.126

0.253

9.5 m (0.5B)

0

0

0

0

0

0

0

19 m (1B)

0

0

0

0

0

0

0

With the small amounts of foundation movements there exists virtually no induced shear
strain at depths of 9.5 m and 19 m below grade.
4) Using Equation 6.1 the degradation parameter for each strain level at the depths of
interest has been estimated and is shown below in Table 6.2.
Table 6.2: Estimated degradation parameter, t, at depths of interest below grade
Vertical Foundation
Edge Displacement
(m)
(Rotation Angle, °)
Depth Below Grade

0.002
(0.012)

0.004
(0.024)

0.006
(0.036)

0.008
(0.048)

0.01
(0.06)

0.012
(0.072)

0.014
(0.084)

Degradation Parameter, t

3.6 m

0.046

0.079

0.098

0.112

0.123

0.126

0.159

4.5 m

0.012

0.045

0.064

0.089

0.183

0.107

0.140
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5) The number of cycles for each level of strain from the rainflow count in Figure 6.7 are
provided in Table 6.3 and the corresponding degradation index calculated using Equation
6.2 is shown in Table 6.4.
Table 6.3: Number of cycles for binned foundation displacement values
Vertical Foundation Edge Displacement (m)
Number of Cycles

(Rotation Angle, °)
0.002 (0.012)

34500

0.004 (0.024)

356

0.006 (0.036)

78

0.008 (0.048)

27

0.01 (0.06)

50

0.012 (0.072)

4

0.014 (0.084)

2

Table 6.4: Estimated degradation index, δ, at depths of interest below grade
Foundation Edge
Displacement (m)
(Rotation Angle, °)

0.002
(0.012)

0.004
(0.024)

0.006
(0.036)

Depth Below Grade

0.008
(0.048)

0.01
(0.06)

0.012
(0.072)

0.014
(0.084)

Degradation Index, δ

3.6 m

0.618

0.629

0.652

0.691

0.619

0.840

0.896

4.5 m

0.883

0.768

0.756

0.747

0.488

0.862

0.908
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6) G 0 was calculated from Equation 6.6, reduced to the threshold value and further reduced
by the degradation index from Table 6.3 The results are provided in Table 6.5
Table 6.5: Theoretical degradation of G
3.6 m

4.5 m

G0

126 MPa

155 MPa

G, after threshold reduction

86.3 MPa

106 MPa

35.8 MPa

81.2 MPa

26.7 MPa

55.5 MPa

22.4 MPa

45.9 MPa

20.3 MPa

35.5 MPa

16.0 MPa

6.9 MPa

20.9 MPa

33.4 MPa

14.58 MPa

23.43 MPa

G, 0.002 reduction
G, 0.004 reduction
G, 0.006 reduction
G, 0.008 reduction
G, 0.01 reduction
G, 0.012 reduction
G, 0.014 reduction

It can be seen that for each location beneath the foundation where strains are significant enough
to cause degradation, the shear modulus is reduced substantially. It should be noted again that the
these reductions are based on the assumption that throughout the 24 hour dataset no drainage has
occurred and thus the effects of strains below the volumetric threshold strain, i.e. strains that did
not cause permanent damage, were not considered to recover. This represents a worst case
scenario, as it has been noted by Karlsruf and Haugen (1983) that even for offshore structures
fully undrained shearing is unlikely to exist beyond 1000 cycles. In addition, the degradation
model is based on an isotropic two-way cycling case (+/- zero) , which is probably unlikely for a
wind turbine that is closer to an anisotropic one-way case (+ to zero).
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Currently the DNV (2002) guideline suggests that the degradation in shear modulus should be
accounted for by assuming that at G/G 0 is reduced to 0.3 (corresponding with strains of 10-3) and
designed for accordingly. According to Vardanega and Bolton (2011) this also corresponds to
values of γ/γ ref of approximately 10-3. Applying the 0.3 reduction to the above case would result

in a G of 37.8 MPa for the 3.6 m location and 46.5 MPa for the 4.5 m location. It can be seen
from Table 6.6 that this value is exceeded in both cases. However, as mentioned above the
values in Table 6.6 represent an extreme two-way cycling case where no drainage was allowed to
occur. Also referring to Figure 2.2 lower plasticity materials seem to have greater reductions in
Go for given strain levels. This is also supported by the laboratory test data conducted herein and
the work of Vucetic and Dobry (1991).
6.3 Summary
A procedure for estimating the shear modulus degradation from field measurements has been
presented and followed. A relationship for the degradation parameter, t, was generated from
experimental data and extrapolated to locate the threshold strain value 0.0134% for the Port
Alma material. This allowed for the degradation parameter to be calculated for a given strain and
number of cycles.
An example of the procedure was followed using the 24 hour August (DS1) dataset. It was
assumed that throughout the time history no drainage occurred and thus the shear modulus would
not recover during this time. The strain associated with foundation displacements levels obtained
from a rainflow count of the time history were found using the finite element model created by
Deshpande (2016). The degradation index and subsequent reduction in shear modulus was
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computed for each level of strain for the recorded number of cycles. It was found that the shear
modulus reduced below that estimated using the DNV (2002) guideline (70% reduction).
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Chapter 7: Summary and Future Work
For this thesis, field measurements of wind speed and foundation movements have been
collected and analyzed to gain a better understanding of the loading and response on a wind
turbine foundation. Additionally, cyclic triaxial tests for varying stress states, strains and loading
frequencies have been conducted and the effects of shear modulus degradation have been
evaluated. The laboratory results have been used to estimate the shear modulus reduction from
the field measurements in an effort to assess to current design practice efficacy.
7.1 Summary and Conclusions
Based on the analysis of the findings and results from the full scale field measurements and the
laboratory studies, the following conclusions and comments are made. Further detailed
discussion of the analysis and results can be found in Chapters 4 to 6.
Field Monitoring
1. Spectral analysis of the 10-minute averaged signals of the accelerometer data on the
foundation identified spectral peaks at 0.38 Hz and 2.29 Hz, which are similar to those
identified by Bas et al. (2013) for the tower of the same turbine.
2. Analysis of a single 10-minute signal of accelerometer data identified a spectral peak at
6.5 Hz; this peak was not identified by Bas et al. (2013) and may represent one of the
blade crossing frequencies.
3. Additional data collection across a longer time frame and wind events is needed to create
a database of responses to help improve the signal analysis and draw further conclusions.
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4. The extreme ‘significant cycle rotation’ from the rainflow count of the 24 hour August
dataset (DS1) was found to be 0.046 and 0.062 degrees for accelerometers 1 and 2
respectively, leading to a maximum expected foundation displacement of 0.0103 m.
5. The measured rotations were compared to numerical estimations using elastic models and
to a finite element model with some success, suggesting that the measured foundation
rotations are reasonable when compared to the best available predictive methods.
In general, field measurements of the foundation rotation of a commercial wind turbine are
feasible and analysis using spectral methods and numerical techniques provides insight into
the dynamic properties of the structure and expected foundation movements.
Laboratory Testing
1. The normalization of the Port Alma carbonate clay till was justified as stress paths from
monotonic compression were used in conjunction with comparisons of normalized shear
strength with those in the literature to validate the use of the SHANSEP method.
2. Bender element tests have been evaluated and the maximum shear modulus (G 0 )
associated with small strains has been found to be 312, 182 and 140 MPa for the stress
states of OCR 1, 2, 4 respectively. A relationship for G 0 was developed and compared to
the literature with good agreement.
3. The degradation parameter and index for the three stress states tested was found to
increase with increasing strain. When comparing to the literature it was found that the
plasticity index of the material is an important factor is evaluating degradation behaviour.
4. No degradation was measurable between the tested strains of 0.001% and 0.01%. It is
proposed that the threshold strain for the Port Alma till lies in this range.
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5. For strains that caused degradation there existed a build-up of pore pressure. Strains that
did not cause degradation yielded no pore pressure build-up.
6. With increasing cyclic loading frequency an increase in degradation is generally
observed.
7.

The failure point in stress controlled tests was found to correspond with an associated
strain of 0.3% and a cyclic shear threshold of CSR 0.05 is suggested.

8. The apparent CSR generated in strain controlled tests was compared to the CSR
measured in stress controlled tests and a satisfactory agreement was found, suggesting the
possibility of associating number of cycles at a particular strain level to a CSR and then
estimating the value of soil degradation.
Large amplitude and high cycle number cyclic triaxial testing has led to the characterization
of the degradation of a carbonate clay till with the stress state controlled using the SHANSEP
method. This has concentrated on pore pressure related degradation from a saturated state,
however it should be noted that unsaturated structured soil breakdown may be possible for
this material.
Damage Estimation
1. The relationship for the degradation parameter, t, was extrapolated to locate the threshold
shear strain value of 0.0134%.
2. An example procedure for the calculation of the accumulated damage for a wind event
was presented and discussed. The length of the event and drainage conditions are
important factors in calculating cyclic damage.
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3. Using the August (DS1) dataset the degradation index and subsequent reduction in shear
modulus was computed for each level of strain for the recorded number of cycles. It was
found that the shear modulus reduced below that of estimated value using the DNV
(2002) guidelines.
7.2 Future Work
There are many components of wind turbine foundation dynamics that need to be explored
further. To complement these studies the collection of field measurements and laboratory testing
future work can be focussed on the following areas:
Additional field measurements of both wind speed and foundation response, with
accelerometers, are needed to capture long term operations as well as high wind speed events,
such as storms. Collecting field measurements during operational procedures such as emergency
stops and maintenance actions would also be beneficial in obtaining a complete record of the
wind turbine’s operational life. This would allow for the development of a robust database of
loading-response relationships for a variety of situations.
With an extended response database, improved signal analysis could be developed which may
enable active structural health monitoring. An extended database would allow for specified
filters to be generated to remove noise and interferences, isolating the foundation response and it
would also allow for a better estimation of the sources of peaks identified in the spectra.
A large component of this study involved determination of the soil’s cyclic degradation
behaviour for different stress states and strain ranges. To further investigate this phenomenon
additional laboratory testing involving resonant column apparatus (RCA), and localized small
strain measurement cyclic triaxial tests could be conducted. Furthermore the effects of allowing
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both partial drainage and full drainage between packets of cycles could be investigated. This
could allow for the determination of the residual damage after an applied number of cycles and
allow for the estimation of the soil’s ability to recover after cyclic loading. Further testing of
soils in unsaturated states should also be conducted.
Results from this and future works can be used to help create and validate more sophisticated
constitutive models and finite element approximations of the wind turbine foundation, such as
the model created by Deshpande (2016) and expand their range from static analysis to dynamic
analysis. This could lead to more accurate cyclic finite element models of the behaviour of the
soil beneath the wind turbine and predictions of the long-term behaviour.
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A. Tiltmeter Verification
As stated previously, after gathering initial data from the tiltmeters post-installation it was found
that the signals were quite noisy. It was suspected that the tiltmeters were not capable of
measuring the dynamic tilt. If this was the case their use in the field would be reduced. Two
separate experiments were designed and carried out to determine the applicability of the
tiltmeters foundation for dynamic monitoring.
The first experiment involved a controlled lab test where a tiltmeter was subjected to measuring
the tilts of a platform changing its angle of rotation at varying speeds and magnitudes. The
second experiment consisted of installing seismic accelerometers on the foundation to
simultaneously record information. The recorded accelerations were then double integrated to
obtain displacements.
Lab Experiment
A custom designed table which hosted a hinge-able platform atop a rigid base was constructed.
The dimensions of the table were such that it fit into the existing shake table equipment at the
Boundary Layer Wind Tunnel at Western University. A custom wedge with a known angle was
crafted and attached to the linear actuator of the shake table apparatus. The oscillating motion of
the wedge with the hinge-able platform riding on the surface of the wedge would cause the
platform to hinge upwards and downwards. An illustration of the setup is shown in Figure A.1.
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Figure A.1 Overview of hinge table and linear actuator setup for the lab experiment

Figure A.2 Side view of hinge table setup with tiltmeter installed and hinge table levelled on
wedge
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Oscillations of the wedge were controlled via a computer program which allowed for the
selection of frequency of oscillation and distance of travel. To obtain a time signal of vertical
displacements to compare the recorded tilt measurements with, a laser distance transducer was
set to record the movements of the platform. Tilt measurements were recorded in mV using the
same Campbell Scientific CR5000 datalogger that would be used in the field. Tilt measurements
were recorded at a rate of 20 Hz just as the full scale test would be.
Once the apparatus was in place and the tiltmeter attached to the platform, the platform was
verified to be true using a level. A set of readings was taken from the tiltmeter to establish a zero
reading. The performance of the tiltmeter under a variety of different oscillation speeds and
travel distances was then examined for 1 minute intervals. The resulting data was transformed
into measured angles by the relation given in Equation A.1.

𝜃𝜃 = 𝑠𝑠𝑠𝑠𝑠𝑠−1 (𝑚𝑚 ∗ �

𝑉𝑉−𝑏𝑏

�)

1000

(A.1)

Where θ is the angle of rotation in degrees, m is a calibration constant unique to each tiltmeter, V
is the recorded value in mV and b is the zero offset.
The recorded vertical displacement of the platform from the laser distance transducer was then
converted into an angle of rotation using trigonometry and the geometry of the apparatus. The
resulting time histories for both signals were compared.
Figure A.3 presents the comparison between the ‘true’ values of amplitude and rotation with the
tiltmeter measured values for each experiment. Over the range of amplitudes and frequencies
tested the following conclusions were gathered. The tiltmeters are capable of measuring dynamic
tilt, with some limitations. The accuracy of large amplitudes (e.g. 7 degrees) required slower
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measurements in the range of 0.1 Hz. Faster oscillations, approaching 5 Hz produced very
inaccurate measurements. However, even when the differences between the measured rotations
and the actual rotations were large, spectral analysis of the signal returned the input frequency.
Leading to the possibility of the tilt signals to be used as a signal gathering tool at the very least.

Figure A.3 Graphical results of comparison between tiltmeter measurements and ‘true’
values for hinge table experiments. A) Comparison of amplitude measurements in relation
to the applied frequency and amplitude B) Effect of applied frequency on the relative
difference in measured amplitude C) Effect of applied amplitude on the relative difference
in applied amplitude D) Applied frequency and applied amplitude for each test.
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Accelerometer Comparisons
To assess the performance of the tiltmeters in the field, two seismic accelerometers were
installed on the turbine foundation for direct comparison between recorded values. The
accelerometers were in the same locations as tiltmeter 4 and tiltmeter 3 as seen in Figure A.4 and
A.5.

Figure A.4 Instrument placement on wind turbine foundation
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Figure A.5 Installation of accelerometer adjacent to existing tiltmeter

The accelerometers were secured to the foundation using lag anchors, i.e. in the same manner as
the tiltmeters. The accelerometers were wired to the CR5000 data logger and set to record in mV
at the same frequency of 20 Hz as the tiltmeters. From the location of the accelerometers and the
direction in which the tiltmeters measured, the accelerometer and the tiltmeter at the tiltmeter 2
location will be directly comparable as would be the other accelerometer and tiltmeter 3. The
devices were left to record simultaneously for 24 hours. The captured signals were than
analyzed.
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Both signals were calibrated using the average of the first 100 readings (while the turbine was
off) of the signal as a zero offset. While this would not be a true zero reading it is the best that
could be achieved on a full scale structure. The transfer function of 100mV to 1 ‘g’ was applied
and ‘g’ was converted to m/s2 by multiplying by 9.8 m/s2; the signals were integrated twice to
obtain displacement in meters. The tiltmeter signals were converted from angles of rotation using
trigonometry and the geometry of the foundation transformed into theoretical displacements at
the sensor location using Equation A.2.

∆= 2500 sin(𝜃𝜃)

Where:

(A.2)

∆ is the displacement at 2500 mm from the centre of the turbine(location of accelerometers)
Θ is the tiltmeter recorded rotation in degrees
The accelerometer displacement readings were converted to rotations in degrees using
trigonometry and the geometry of the foundation using Equation A.3.

𝜃𝜃 = 𝑡𝑡𝑡𝑡𝑡𝑡−1 (

∆

)

2500

(A.3)

Where
Θ is the angle of rotation in degrees
∆ is the measured displacement in mm, 2500 mm from the centre of the turbine (location of
accelerometers)
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The resulting angles of rotation for both the tiltmeters and accelerometers are compared directly
in Figures A.6 and A.7. It can be seen that the tiltmeters and accelerometers are responding at the
same times, i.e. to the same excitation, however the magnitudes of response vary greatly. The
values recorded by the accelerometers are much more realistic in terms of actual foundation
movements.

Figure A.6 Comparison of tiltmeter 4 (TM4) and accelerometer 1 (ACC1) recorded angles
of rotation
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Figure A.7 Comparison of tiltmeter 3 (TM3) and accelerometer 2 (ACC2) recorded angles
of rotation

To further compare the accuracy of the field instruments the 1 second average response of the
tiltmeters and accelerometers were compared to the corresponding 1 sec wind speed value. The
comparison for tiltmeter 4 and the corresponding accelerometer is provided in Figure A.8.
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Figure A.8 Comparison of recorded angles of rotation at varying wind speeds for tiltmeter
4(TM4) and accelerometer 1(ACC1)

It can be noted that for the same wind speed there is a larger spread between measured values of
rotation from the tiltmeter than the accelerometer. A degree of variation is to be expected
because of the complexity of the system however a tighter pattern is more realistic.
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Conclusions
After assessing the performance of the tiltmeters in both a laboratory and field setting it has been
determined that the utility of the tiltmeters for this application is limited. While the tiltmeters are
accurate at measuring rotations at slower oscillations up to approximately 0.5 Hz, the accuracy
decreases as the frequency of excitation increases, for example approximately 60% at a
frequency of 1 Hz. The tiltmeter data may be useful as a supplement for confirming peaks in
spectral analysis of the accelerometer signals, however, further analysis of foundation
movements for this study will be conducted using the accelerometer data only. It has been
suggested that additional permanent seismic accelerometers be installed on the foundation for
ongoing data collection.
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Appendix B

A detailed site investigation was conducted by Tyldesley and Newson (2016). Three boreholes
were drilled to enable the use of in-situ tests and the collection of PQ core and Shelby tube
samples for laboratory use. The location of the boreholes in relation to the foundation is shown
in Figure B.1.

Figure B.1: Location of boreholes relative to foundation. (Not to scale)

223

The investigation involved SPT, CPT, shear vane and cross-geophysics tests, as well as assorted
laboratory classification tests. The pertinent results of from the site investigation are provided
herein, including CPT measurements of undrained shear strain and shear modulus along with the
moisture content, liquidity, unit weight and OCR with depth.

Figure B.2: Small strain shear modulus from CPT tests, (Tyldesley and Newson, 2016)
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Figure B.3 : Undrained shear strength profile from CPT tests, (Tyldesley and Newson,
2016)
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Figure B.4: Moisture content and unit weight profiles, (Tyldesley and Newson, 2016)
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Figure B.5: Liquid index profile, (Tyldesley and Newson, 2016)
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Figure B.6: Overconsolidation ratio profile, (Tyldesley and Newson, 2016)
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Appendix C
For the purpose of the analysis of the wind turbine tower a Rayleigh Ritz approach, initially
described by Ritz (1908), is used to determine the natural frequencies. For computational sake, a
number of assumptions and idealizations are necessary. The tower is idealized using a “ball and
stick” model approach. The “stick” being the tower with varying mass and cross section and the
“ball” is a lumped mass representing the turbines’ nacelle and rotor weight. The parameters of
the tower are estimated based on the information provided by the manufacturer however the
details were supplied as design schematics and do not necessarily match the as built turbine.

Figure C.1: Model representation of wind turbine

Where f(x) and g(x) are functions of the tower height to describe the mass and varying stiffness
respectively. To determine f(x) and g(x), the mass and second moment of inertia for each of the
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different cross sections was computed from “typical” wind turbine drawings for the make and
model of the tower in question and plotted with the height of the tower and are shown below in
Figure C.2 and C.3 respectively. Polynomial fits for both mass and the second moment of inertia,
I, were generated using the least squares method, with R2 of 0.9997 and 0.9914 for mass and EI
respectively. E was taken as 200 GPa for the steel structure. The structure is considered a ring
with a varying diameter ranging from approximately 2.4 m to 4.2 m.

Figure C.2: Tower and rotor mass as a function of height
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Figure C.3: Second moment of inertia of tower and rotor along tower height
The foundation of the tower is considered rigid and the underlying soil is considered to be
homogenous. The soil was modeled as a rotational spring. To compare the effects of the
estimation technique of the rotational spring constant of the soil two analyses were carried out.
One using the Borowicka (1943) equation shown as Equation C.1 and another using the
recommended equation for rotational stiffness from DNV (2002), shown below as Equation C.2

𝐾𝐾∅ =

8𝐺𝐺𝑅𝑅 3

𝐾𝐾∅ =

8𝐺𝐺𝑅𝑅 3

(C.1)

3(1−𝑣𝑣)
𝑅𝑅

𝐷𝐷

𝐷𝐷

�1 + 6𝐻𝐻� �1 + 2 𝑅𝑅 � �1 + 0.7 𝐻𝐻�
3(1−𝑣𝑣)
231

(C.2)

Where
K θ is the rotational spring constant of the soil
G is the 1/4th the average shear modulus of the underlying soil
R is the radius of the foundation
D is the embedment depth
H is the depth of the soil layer to bedrock
and v is the Poisson’s ratio
With respect to the analysis, shear deformation and rotational mass moment of inertia are
ignored; axial force effects are accounted for. The values used for the analysis are shown below
in Table C.1.
Table C.1: Parameters and their values
Parameter

Value

G

17.5 MPa

R

9.5 m

D

3m

H

28 m

v

0.48

232

One of the disadvantages of using a Rayleigh Ritz method is that choosing the shape
functions for the analysis is not a trivial task. In this case, 5 tower shape functions are used in the
analysis. They are chosen as the 5 shape functions for a cantilever beam which is based on:
𝑐𝑐𝑐𝑐𝑐𝑐λ𝑛𝑛 𝑙𝑙+𝑐𝑐𝑐𝑐𝑐𝑐ℎλ𝑛𝑛 𝑙𝑙

Ψ(𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇) = 𝐴𝐴2 [𝑐𝑐𝑐𝑐𝑐𝑐λ𝑛𝑛 𝑥𝑥 − 𝑐𝑐𝑐𝑐𝑐𝑐ℎλ𝑛𝑛 𝑥𝑥 − �

𝑠𝑠𝑠𝑠𝑠𝑠λ𝑛𝑛 +𝑠𝑠𝑠𝑠𝑠𝑠ℎλ𝑛𝑛 𝑙𝑙

� (𝑠𝑠𝑠𝑠𝑠𝑠λ𝑛𝑛 𝑥𝑥 − 𝑠𝑠𝑠𝑠𝑠𝑠ℎλ𝑛𝑛 𝑥𝑥)]

(C.3)

Where: A2 is indeterminate and taken as 1 for simplicity and λn is the intersection of a
transcendental equation with the deflection of a cantilever beam.
A shape function to account for the rotation of the foundation is also included. Since the
foundation is considered rigid the shape function is simply: x/h.
The mass and stiffness matrices were compiled using the virtual work principal and the
following relations:
ℎ

ℎ

𝐾𝐾𝑖𝑖𝑖𝑖 = ∫0 𝐸𝐸(𝑥𝑥) ∗ 𝐼𝐼 ∗ Ψ𝑖𝑖" ∗ Ψ𝑗𝑗" 𝑑𝑑𝑑𝑑 − ∫0 𝑔𝑔 ∗ 𝑚𝑚(𝑥𝑥) ∗ (ℎ − 𝑥𝑥) ∗ Ψ𝑖𝑖′ ∗ Ψ𝑗𝑗𝑖𝑖
ℎ

𝑀𝑀𝑖𝑖𝑖𝑖 = ∫0 𝑚𝑚(𝑥𝑥) ∗ Ψ𝑖𝑖 ∗ Ψ𝑗𝑗 𝑑𝑑𝑑𝑑

(C.4)

(C.5)

The frequencies and of the mode shapes are calculated as the Eigen-values of
[𝑀𝑀]−1 ∗ [𝐾𝐾]
Where:
M is the mass matrix and
K is the stiffness matrix
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(C.6)

A general rule of thumb for using Rayleigh Ritz is that to determine a number of mode shapes
and frequencies with an acceptable level accuracy, the user requires twice that number of shape
functions. Thus for this analysis only the first, second and maybe the third modes are within
acceptable level of accuracy. The results of the analysis are shown in Table C.2, which shows the
first and second modes to be 0.18 and 0.74 Hz (from the Borowicka assumption) respectively.
The computed value for the fundamental frequency from the model differs by approximately
52% from the value of 0.322 Hz determined from field studies conducted by Bas et al. (2013).
This could be attributed to the simplifications used in the calculations and/or the assumptions
made on the structure of the tower. Furthermore the complexity of the swaying was not taken
into account by the shape functions and the rotational effects of the rotor were not considered,
both of which would affect results. The difference between the calculated values using the soil
rocking stiffness estimated by the Borowick equation and the DNV suggestion are small, less
than 3% difference.
Table C.2: Results of Rayleigh Ritz analysis
Borowicka Stiffness
Mode 1
Mode 2
Mode 3
Mode 4
Mode 5
Mode 6

f (Hz)
0.1835
0.7446
1.8193
3.5963
6.1315
25.2963

ω (rad/s)
1.1528
4.6782
11.4307
22.5962
38.5256
158.9414

DNV Stiffness
f (Hz)
0.1887
0.7624
1.8647
3.6751
6.2699
30.7926

ω (rad/s)
1.1855
4.7903
11.7161
23.0914
39.3948
193.4755

A parametric study was conducted to determine the effect of changes in the parameters of the DNV
equation on the modal frequencies. The change in parameter and the resulting frequency for each trial is
provided below in Table C.3.
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Table C.3: Parametric study results

Mode 1
Mode 2
Mode 3
Mode 4
Mode 5
Mode 6

G=1.75
MPa
0.1428
0.6478
1.6347
3.3395
5.7763
18.707

G=175 R=14.2 R=4.75
MPa
5m
m
0.1944 0.1929 0.1613
0.784 0.7781
0.684
1.9255 1.9084 1.6935
3.7921 3.7578 3.4117
6.5118 6.4357 5.8645
83.781 48.038 19.864

D=0 m

D=6 m

0.1841
0.7465
1.824
3.6043
6.1447
25.696

0.1907
0.7699
1.885
3.7127
6.3423
35.687

H=9.5
m
0.19
0.767
1.8771
3.6979
6.3133
33.452

H=152
m
0.188
0.76
1.8583
3.6636
6.2486
29.704

v=0.25
0.186
0.7529
1.8399
3.6312
6.1906
27.251

From Table C.3 it can be seen that variations in G and R have the most significant effect on the
theoretical fundamental frequency of the tower, while changes in the other parameters yield smaller
alterations. Therefore the accurate determination of the shear modulus of the soil, G, is important for
reliable calculations and estimations of structure dynamics.
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